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ABSTRACT

This study focuses primariiy on the design and construc-
tion of pile foundations in the coastal regime. The discussions
are separated into foq: parﬁs. In the first part, an assess-
ment is made of the nature and intensities of loads acting on
piles. Second, the design p:inciplés and methodologies for the
various types of loads (compressive, uplift and lateral) are
ocutlined. Considerations are also given to scour, pile buck-
ling, bent piles and downdrag. Third, the three materials {(con-
crete, steel and wogd) commonly uéed for piles are discussed,
concentrating on the potential prahlem# in their use and the
appropriate preventive measures. Finally, the methods of in-
stallacion of piles are described.  The emphasis of this study

is on conventicnal design procadurss and practical techniques,
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CHAPTER 1

INTRODUCTION

The expansion of man's activities has led to.ﬁn increase
in coastal comstruction along the shoreline. Waterfront struc-
tures that ave ccﬁmonly seen include docks, piers, bulkheads,
seawalls and'other'elevated_structu:es thatip;ovidg éommercial
as well as recreatiomal facilities. The foundations for these
types of structures often take the form of piliﬁg. A few ex-
amples on the use of plles in the coastal region are illustra-
ted in Fig. L.L.

Piles are structural members used to transmit surface load-
ings to the subsoil. They may act Singiy (e.g., fender piles)
or in groups (e.g., piar); they may be fully embedded'(e.g.,
retaining structures) or partially embedded (e.g., dolphin).
Furthermore, advancement-in installation equipmént has allowed
these members to be driven in any desired orientation. The ver-
satilicy o£ pile foundations has made them adaptabie to most
types of comditions and requirements. -

The use of pile foundations dates back to prehistoric
times,\lcng beforé_the birth of soil mechanics. Construction
was largely based on experience with little theorstical consid-
erations. In recent years, a large volume of technical litara-
ture has been published with regard to this subject matter.

. Loadings that may act upon a waterfromt structﬁre include,
but are not limited to, waves, currents, ice, earthquakes, wind

and ship impact (Fig. 1.2). These various forms of loadings
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(¢) dock, pier or whart "~ {d) ship mooring

Fig. 1.1 Examples of Use of Pilas in the Coastal Region
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producs compreésive, lateral and uplift forces that.may strong-
ly influence the design and construction of the structure.
Furthermore, the cost of the structure is directly proportion-
al to the magnitng of the design load. Therefore, an undex-
standing of the nature of these loadings is essential
to achieve a proper desigm.

The ultimate capacities of pile foundations are detérmined_
at least by the following factors:

1) in-situ properties of the soil mass

2) dimensioms and material properties of the pile

3) methods of installation

4) loading -canditions
Each of these factors should be examined carefully. The ex-
tent to which they will influence the strength of the founda-
tion depends largely on the size of the structure and the site
location. |

The most reliable method to determine the load capacities
of piles is through pile load tests. They are commonly per-
formed for major prolects where no prior information on be-
havior of deep foundatioms at the site is available. Pile-
load tests are usually expensive and may not be feagible for
small-scale construction. They will not be emphasized herein.

Current methodologies to assess the capacities of pile
foundations are largely based on empirical correlatiom of
field data with basic soil parameters. Rigorous theoretical
analysis is still in #he preliminary stage and often raeguires

many simplifying assumptions. Numerical snlutions (e.g., fi-



nite element methods), with the advent of high speed digital
computers, have shown promise on this aspect. However, the com-
puter cost required is likely.ta be high and unlesé‘the in-
situ soil paraméters are known to a high degree ¢f accuracy,
these methods may not be justifiable.. 1In this report, empha-~
sis will be placed om conventiomal design procedures and prac-
tical techniques.

Besides the various forms of loadings mentioried earlier,
the design of piles for coastal structures may requizre con-
sideration of:

1) effect of scour on pile foundationms

2} capacity of bent piles

3) pile buckling

4) pegative skin frictiom
These phenomena are further depicted in Fig. 1.3 and will be
discussed later.

~ Piles used.in.the';oastal enviromment are sﬁbject.to ad-
verse conditions that often result in material deterioratiom.
Varicous férms of attack are illustrated in Fig. 1.4. Three
commonly used materials (comcrete, steel and wood) will be
considered. The mechanism of corrosionm as well as possible
preventive measures will be presented.

In the last section of this report, a brief description
~ on installation of piles will be cutlined. It should be noted
| that the method of installatiom has a profound effect on load
capacities and should not be overlooked in the design phase.

Finally, example problems will.be.given'in the Appendix

to illustrate the design methodologies cutlined in various
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chaptars.- The problems are solely for demomstration purposes
and will be kept simple. It should be understood that other
factors may also affect the solutions to these problems. Al-
though it is impossible to discuss all these factors in the
examplé problems, the idea that design incorporates considera-
tions fram'every agpect should always be kept in mind.
Overall, this report is {ntended to serve as a guide for
the design and comstruction of pile foundations in the coastal
regime. The flow chart in Fig. 1.5 illustrates the sequence
under which this may be done. The design procedures along
with their inherent assumptions will be deseribed. However,
one should not view the procedurss as ''the standard rules”;
rather, one should approach the problem intelligently to de-

velop a rational and economic design.
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CHAPTER 2

LOADINGS ON PILES

One of the first steps in the design of any structure

is an évaluaticn of the nature and intensity of the loads

that may act on the structure throughout its design life.

This requires a thorough understanding of the design objec-

tives as well as the site characteristics. |

Piles used for watexfront structures are subjected to

a large number of forces which may act either axially or

laterally. They may induce bending moments and, in some in-

stances, may even cause uplift or downdrag of piles. Forces
may act directly om piles or they gﬁy be transmitted to the
piles through another medium., For example, ice and waves may
act directly on exposed piles, while earthquake loads are con-
sidered to be applied to the piles through :he-scils.. In most
cases, piles that are fully embeddad ;ake forces indirectly,
usually through the superstructure zhove (e.g., seawall) or
the soil below.

Loads may be broadly classified into three categories:

1) In the first category, the separation is into dead and live
loads. Dead load is a gfavity load and is always acting.
The weight of the structure, including any permanent attach-
ments, are considered as dead loads. The magnicude and
distribution of thes@ loads are usually khdwn accurately,

 but not until the design has been completad. Therefore,
the dead lcad has to be estimared in the preliminary de-

10
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~sign stage and revised after an analysis is made. Live

" loads may vary in magnitude and location. These forces

are important for structures such as piers where movable

2)

3

equipment, humag occupants, vehicles, ete., may form a
substantial portion of the total load. Minimum values of
live loads for design are often prescribed by local build-

ing codes; these are usually conservative.

Secondly, loads can be grédually applied or they can be

in constant motion. The former is a . static load and the
latter is a dynamic load. Static loads can be dead loads
or live loads. Their influence om the st:ugture.is ra-
stricted ﬁo the magnitude of force that is applied. In
contrast, dynamic loads will f£luctuate with time and the
response of the structure is dependent upon the imertial
and damping characteristics of the system. By definitiom,
all dynamic loads.ara iive loads. The dynamic reépqnse of
the structure can be evaluated by a dynamic analysis or,
for ordinary desigm, by using a cpnsérvative value for the
specified load values.

Thirdly, the duratiom of loading can be long (sustained)
or short (transient). The major difference baﬁweén these
two types of loadings lies essentially in the way in which
the soil behaves. For sustained loads in élays, two dis-
tinct types pf‘soil behavior cén be identified ;— undrained
and draiﬁed, Howévgr,.fqr tfansient lcads'(g.gﬂ, earth-
quake..blasting),'the short ﬁu;ation o£ Load application

prohibits the dissipation of excess pdraewé;ar pressure and
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undrained conditions will exist, regardless of soil prop-
erties. |
Sometimes thers is no clear line of demarcation between dead
load vs. live..load, static load vs. dynamic load or sustained
load vs. transient load. In that case, the decision must be
based upon the judgment of the designer. BHowever, he or she
should understand the inherent assumptioms madé in selecting
an appropriate design load.
Loadings that will be discussed in this chapter are:
1) waves
2) currents
3) ice
4) aarthquakes
5) ship impact
These forces are mot by all means inclusive, but they repre-
sent the common and likely loading-conditiong for piles used
“in ccastal regioms. The direct effects of forces resulting
from wind on pilas are small, but its influence on wave and
ice action should not be overlocked. Comsideration should
alsc be given to lbadings caused by floating debris, if ap-
plicable. Loadings from tides are likely to be small and
will not be comsidered here. | |
The relative impértancé of the forces mentiocned above
dependé'upon the regional eclimatic and geologic conditions.
Vital factors at one paiticuiaf site may not be dpplicable
tn:othérs. Moraover, the effécts of these forces are not

fiecessarily cusulative. Although wind and waves are likely
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to occur at the same time and in the same direction, impact _
forces from ice sheets will not occur simultaneously with the
most severe wave action. It is impractical and uneconomical
to design.a structure to withsﬁaﬁd all these fofces at their |
maximm amplitudes. -

. The action of these loadings, especially those that are
produced by the enviromment, should be anticipated to come from
any direction unless specific conditioms make a different‘as-.
sumption more justifiable. |

In realit?,'most of the forces mentioned above aras dynamic
in ﬁature. The inténsities as well as the directions of the
forces will vary,with'tima. Theoretically, a dynamic analysis
that takes into account the inertial snd damping characteristics
of the system will be more appropriate. While this may be neces-
sary for design.of”deep_water offshore platforms, it is of lic-
tle rglevance'fbr'simp}er small-scale constructicn.._In such
- eases, it is adeqﬁate to consider the loads in terms of their
stétic equivalénts;: Ths.validity of such éssﬁmptions depends
upon both the form of the structure and the nature of the load.
In cases where the fluctuating components of the applied force
daviate drastically from the mean load, or the matural frequen-
¢y of the structure approachas the frequency of the predominant
force component, a djnamic'analysis of'the'problem'may.béccme
mandatory, In this stﬁdy, only static analysis will be presen-
téd. Dynamic resppnse.qf'strﬁctures is beyond the scope of
chis study. o | ) _ |
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2.1 Waves

Piles used in the coastal enviroument are likely tb be
.subjected tc some forms of wave action, whether directly on the
piles or indiréctly through the superstructure. Wave 1bads cn
wall-type structures are discussed by Hubbell and Kulhawy (1979)
and will not be pre;anted here. This section will comncentrate
on behavior of piles under dirsct wave actiom.

Waves can be generated by many mesns, e.g., moving vessals,
egrthquake@ wind, etc.. The one thaﬁ has the most infldence
for waterfront structures is the wind-generated wave. Although
seismic-generated waves may have high orders of magnitude, it
is not feasible to include them in normal design practice ex-
cept.in regions where seismic-gengrated waves occur fraquently
or a loss of life is antici;ated. | | |

The severity of wave actiqn.cu piles depends largely upom
site conditions. In sheltered waters where most of the wave _
energy has been attenmuated, wave forces will not have any strong
influence on the design. |

Wave types ﬁary*f:om non-breaking to breaking and brocken
waves, with each of these producing diffarent.magnitudes of for- |
ceé on a structure. An ﬁnbrokén wave is essentially a3 wave of
oscillation, which breaks when the fofward_velocity of .the crest
particles exceeds the vaiocity of propagation df the wave i:-
self (Quinn, 1972). The procsdures for determination of non-
breaking wave forces on piles will be outlined below. Wave for-

-ces resulting from the action of broken waves are usually negli-



15

gible and will not be considered.
2.1.1 Non-Breaking Waves on Vertical Piles

Methods currently in use for determination of wave forces
on piles are based on Morisom's equation (Morisom, et al., |
1950), which assumes that forces exerted by wave-associated
flows on piles result from thHe sum of o components :

1) imertial forca.

2) drag force
Morison's equation is seﬁi-émpirical and is giﬁen-as:

£= £ + £ o | 2.1)
in which: £ = total horizcntal force per umit length of plle

fi = tnertial force per unit length of plle |
fb = drag force per unit_length of plle

Inertial forces result £rom comstant accelerﬁtian or re-
tardation of water particles in the form of ideal nonviscous
flaw. fhis is basad on the-aésumption that the wave height is
small in comparison with depth and the.water is incompressible
and fricticnless (ideal £luid) . 'The inertial force component

can be expressed as:
e Y ™% 3u _
£ =g 5 | 2.2)
in which: G, = inertial coefficient
Y = weight demsity of fluid
= §2,4 1b/£ft® (9.8 kN/m?) for fresh water

. = 64,0 1b/fe’? (10.0 kN/m®) for salt watex
D = diameter of pile |

88 = norzontal watsr particle acceleration at the axis
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of the pile (assuming the pile does not exist)
g = a;qgieg§tion due to gravity
= 32.2 ft/sec? (9.8 m/sec?)
Drag forces result from the constant velocity of water par-

ticles in the form of real viscous flow and can be. expresaed as:

fD-chg-u lu] D | - (2.3)

in which: CD = drag coefficient

u = horizontal water particle velocity at the axis

. of the pile (assuming the pile does not exist)

The factor % does not have any physical meaning and results
from the mamner in which the measurements of the empirical co-
efficient, Cp, were reported (_Nairb, 1969), u|u| is used instead
of u? to indicate that the force is always acting in the same
direction as the velocity A definition sketch of wave forcges
on a vertical cylind:ical pile is shown in Fig. 2.1.

The design dlamaters of the piles, D, as used in Equaticus
2.2 and 2.3, do not have to be equal to the actual diameters of
the members. Due consideration must be given to the possibili-
ty of marine growth or ice collar, which may increase the di-.
mensions of the piles and therefore the.magnitude of wave fox-
ces.

For high waves in shallow water, the drag force is pradom-
inant and the maximm foree against the ﬁile occurs at or near
the crest of the waves. For low waves in deep water, the in-
ertial force is predominant and the maxismm force occurs when

the water sn:faca_;t;thg pile is closa to the still water sur-
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face (Quinn, 1972).

It should be realized that the linear
ertial and dfag forces #a used in Equatiom
any rigorous theoretical basis. The admis
of drag force viclates the principles on w
forca is derived. Three other major assum
Morison's equation are givenm as follows:

1) flow is unidirectional.

2) the presence of the pile will not

water flow pattern.
~3) the pile i3 rigid and will not def
Although the above assumptions may limit ¢
ecation of Morison's equation under some si
‘no simple alternative at the present time.

The second assumption implies that th
be small compared with the wavelength of t
of this, CERC (1977) suggested the applica

equation to be limited to cases where:

7 < 0.05

A
in which: L, = Airy approximacion of wavel
Fig. 2.2 can be used for determinaticn of
mensionless parametsr, —2?, in which: d =
water level and the mud%?na, and T = wave
The restriction as imposed by Equatic
fied in most cases except for pilaes that a

weter. In that case, a wave diffraction s
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It will not be discussed here because it is doubtful that it is
of any value for the design of small-scale structures.

Using Morison's equation, the evaluation of wave-pile in-
teraction forces cén be separated into two phases:

1) the selaction of an appropriate wave theory to predict

the flow fields.

2) the determinatiom of the two hydrodynamic coefficients,

cM and Cp-

Actual wave motion is camplex'and-difficult to model mathe-
matically. 1In spite of this, numéroua wave theories have been _
presented in the literature to describe this natural phenomenocn.
It is beyond the.scope of this study to cover the development
and capabilities of all these theories. The readers should re-
fer to Wiegel (1964) or CERC (1977) for a more comprehensive re-
- view of this subject mattex.

The most fundamental wave theory is the Airy theory, also
called the linear or small-amplitude theory. Based om this
mathematical model, the horizomtal water particle veloecities

and acceleratioms at any time t are given respectively as:

CRESMEGRL e

3u . grH cosh([2w(z+d) /L] _._ ._27C
i cosh[Zrd/L] — ¥ (-5

(2.6)

in which: H = wave height
z = vertical coordinata axis, origin at still water

level, positive upwards

L = wavelangth
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This theory is simple and relatively easy to use. However, this
theory is umable to predict more complicated wave motion and
fails to realize that wave crests may deviate further from the
still water level than do.the troughs. In general, the use of
higher ordér theory (alsc called non-~linear or finite aﬁplitude
theory) can better describe the actual wave characteristics.
However, its use will involve tedious computations, amd access
to a computer or computer-generated design charts is neces-
sary. In predicting the velacit? and accaleration fialds for use
.in Morison's equation, any defensible established wave theory
can be used. However, the designer should have a thorough un-
derstanding of the-inharént assumpticns'and limitaticns agsocia-
ted with various wave theories.

Development of these wave theories is built upon many sim- .
plifying assumptions, with some of the more common ones given
as follows (CERC, 1977):
| 1) the fluid is homogeneous and incompressible.

2) surface tension force is minimal.

3) coriolis effect can be meglected.

4) pressure at the free surface is uniform and constant.

5) the fluid is ideal and nonviscous. | |

6) there is no interaction with other wave motions.

7) the vertical velocity at the bed is zero.

8) wave amplitude is small_and.wave fofm is invariant in

time and space.
9) waves are two-dimensional.

- The dasigne:_should examine the impact of these assumptions on
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the problem and interpret the results carefully for application |
to actual design. _ . |
The two hydrodynamic cocefficients, Cy 3nd C;y, are empiri-
cal coefficients that can be determined from previous recorded
data, model tests or full-scale field experiments. These two
values depend upon ﬁhe dimensions of the piles, wave character-
istics, and the choice of wave theory. Published values for
thess two coefficignts show a lot of scattez. _
Based on the results of many investigators, CERC (1977)
recommendad the following guidelines for determination of the
two coefficients.
Inertial coefficients (Gl :

Gy ~ 2.0 when R_<2.5X10° | (2.7

Cy = 2.5 - Re when 2.5%10° <R_ < 5X10° | (2.8)
. . -5;135' | ! .Gn . e B

Cy = 1.5 when R_ >5X10° (2.9

Drag coefficiant-(cn):
Variation of Cp with Reynolds number is shown in Fig. 2.3.
In both cases, the coefficients are given as a function of the
Reynolds number, defined as:
D
R = “nax

a v

(2.10)

in which: R, = Reynolds number

| Q.. ™ maximm horizontal velocity at ‘still water
level
v = kinematic viscoslty of the fluid

- leO'S £r2/see (9.3X1077 m?/sec) at 20°C for water
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Compute the inertig] aﬁd_drag forces, respéctively, at any lo-
cation along the Pile. The force distributions can be obtained

be expraéaed as:-

F, = m? . R o - 2.11
1% QY28 | (2.11)
fp=CyzyDE K | - (2.12)

in which: Fi ™ total horizontal inertial.fbrce'on pilé
Ki ==dimen3ionless Parameter for totazl inertial force
Fy = toﬁal horizental drag force on pile
KD = dimansionless Parameter for total] drag force

and the momentg of these forces about the mudline can be ex-
Praessed as: : | |

M =Fds 2

My = Fy d SD | | - (2.148)
in which: M; = moment of inertial force about the mudline

Si - dimensioﬁless Parameter for moment of ineftial

force
d = distamee between still water level and mudline
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M, = moment of drag force about the mudline

a Sp = dimensionless parameter for moment of drag force

‘Thus, dXS; and dXSy can be considered as the moment arms for the
inertial and drag forcas respectively.

The values of the fnur dimensionless parametars Ki' Kb Si
and S are functlcns of the velocity and accelaration fields
of the wave-znduced flows. Therafore, these parameters are di-
rectly related to the cheoice of wave theory. As the velocicy
and acceleration fields will change as the wave propagates, the
parameters Ki’ KD' Si, SD {and thus Fi’ FD’ Mi’ Mb) will all
vary with time. However, for design of individuai piles, the
maximm values of these components are of primary interest to
the designer. .

The maximum values of the force and moment components can

be exptessed as:

Fim = Cu T —Z B K o _ (2.15)
. 2
- Fpp = Cp 7 YD B Kpy . o - (2.16)
: Mim" Fip d Sim - - i .(2.17)
Mnm-' FDm-d Spm ' - (2.18)
in which: ?. maximum total horizontal inertial force on pile
an maximum total horizomtal drag force on pile
Mim = maximum moment zbout the mudline because of in-

ertial force component |
My ™ maximum mamggt.abquc the mudline because of

#rég force component
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If the inertial and drag force components are in phase (i.e.,
their maximum amplitudes occur at the same time), the meaximum
force acting on a pile will be the sum of the two values; other-
wise, the maximm total force will be somewhat less than the sum
of the two components. The time lag between these téo quan-
tities depends upon the wave parameters and the choice of wave
theory. In the case of Airy wave theory, the force variations
are given as:

Fy = Fyp sin @ (2.19)

Fy = Fp, cosé | cosa| (2.20) -
in which: 5 = 3E§ - 3%2

. xa ho;izontal coordinate axis in direction of wave
prﬁpagaticn (relative to wave crest)

Charts for determination cf‘Kﬁm, KDm’ Sim;and SDm based
on Dean's stream functiom theory are shown in Figs. 2.4, 2.5,
2.6 and 2.7 respectively. The use of’:hese_figures requires
the detefmina:ion of the dimensianless-water depth, —Q;, and
the degree of nonlinearity of the design wave. The gggrae of
nonlinearity is expressed by the ratio of design wave height
(B) to breaking wave height (Hb).' The breaking wave height can
be estim#tad.from Fig. 2.8 using the breaking limit line on the
gréph,

As indicated above, the maximum inertial force may not be
in phase with the maximum drag force and this prochibits the lin-
aar additicn of t@gse two quantities to obtain thé maximm total

force. Again, based on stresm funcrion theory, charts showm in
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Fig. 2.8 Breaking Wave Height (after CERC, 1977)
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Figs. 2.9, 2.10, 2.1l and 2.12 can be employed to estimate the
maximm total horizonfal force associated with wave-induced
flows. The.aﬁpropriate chart to be used is determined by the
dimensionless parameter, W, defined as:

D ' -
W ac;‘—g (2.21)

and the maximum total force can be obtaiped from:
Fpo=da ¥ Cp H* D ' (2.22)
where ¢, is the coefficient read from the figure. In a similar

manner, the maximm total moment about the mudline can be com-

puted from:
M o=ao, Y Cb H:2 D _ (2.23)
whers G is the ccoefficient given by Figs. 2.13, 2.14, 2.15 and

2.16 using procedures similar to that adopted for determinatiom
of’¢m. .In,most cases, it is necessary to interpolate between
different figures to obtain the appropriate ¢, and a factors.
2.1.2 Non-Breaking Waves om Groups of Vertical Piles

Piles are often used in groups for coastal structures. Lf
the spacings between the piles are large compared with the wave-
length, the existence of one pile will have no influence on the
othars and each pile can be designed according to procedures da-
scribed earlier. However, as the distanca between the piles
gets smaller, the piles will influence one another by modifying
the flow pattern of waves around each pile. Muga and Wilson
(1970) have identified three major influences associated with

group effects: sheltering, solidification and synchronization.
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The effect of solidification is important only for pile
grcdps that consist of large diameter piles and thé effect of
synchronization is significant only for cases where the piles
are flexible. Both of these effects will not be described hers.
A more detailed discussibn of these two effects can be found
in Muga and Wilsom (1970).

The effect of sheltering is illustrated in Fig. 2.17. The
_upstream pile (or other form of obstruction) increases the tur-
bulence intensity of the flow toward the downstream pile. This
leads to a lowering of the drag coefficient for the dewnstream
pile, and the forces and momeats acting on it may be substan-
tially reduced. - Correction factors to reduce wave loads on
piles in the sheltered regions have been deveioped (e.g.,
Chappelear, 1959) in light of this effect. However, some au-
thorities (e.g., Newmark, 1956; Quinn, 1972) recommended that
this sheltering effect be disregarded in actual design. In
fact, if we design the piles to withstand wave forces from all
possible directions, this shielding effect will not play a sig-
nificant role except for members that are camplétely surrounded.

The stability of a pile-éﬁpported structure with respect
to wave forces is directly related to the makimum total force
and moment that will be acting on the entire group of piles,
rather than that on individual piles. When all these piles are
arranged in a row perpendicular to the direction of wave propa-

gation, the maximy

_ total force and moment for the whole group
of pileés can be cbtained by summation of the maximum total force

and woment scting on each individual pile. Ignoring the shel-
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direction of '
wave propagatlon turbulence
o reglion

downstream

upstraam pile

pile

Fig. 2.17 Sheltering Effect
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texring effect, this procedure is also valid for piles that are
spaced a whole number of wavelemgths (1,2,3,4,....) epert.in the
direction of wave propagation. In all other cases, the maxi-
mum total force and moment that can be acting on a group of
piles will be smaller than the sum of the maximun values of
each individual pile. This is because the maximm total for-
ces and moments on each pile will mot occur at the same time.
Nevertheless, the time laé can be assumed to be negligible if
the spacings betweem piles are small compared with the wave- _
length. Tn that case, the summation of the maximmm values for
each member”will provide an approximate upper bound solutiom.
The pre'ce:ﬁ:re-s to computa the 'ma;:in’:m'me force and mo-
ment on a group of piles are rather tedious and are demonstra-

ted in the Appendix om Example Problems.
2.1.3 Non-Breaking Waves om Inclined Piles ,

The use of inclined piles (also called batter or raking
piles) is very common in the coastal zone,.as they are more
effective in taking lateral loads. Also, cross-bracing be-
tween vertical piles may also be randemly oriented through the
velocity and acceleration fialds of the flows. Morison's equa-
tion has also been widely used in this situation. However,
there is mo one well-established method of evaluating the vari-
ables associated with this equation because the water peﬁtncle
kinematic vectors are no longei perpendicular to the member
Several anproaches have been adopted by the offshore Lndustry
A review of these approaches is given by Wade and Dwyer (197 6)‘

The authors citad a varzation of at least 227 in forces and mo-
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ments among the various methods considered,

 For piles that are'oriented in the direction of wave propa-
gation, CERC (1977) recommended that the force aéting at any
arbitzrary location on an inclined pile be taken as the horizon-
tal force acting on a fietitious vertical pile at the same lo-
cation, as . illustrated in Fig, 2.183. The limits to which the
above recommendation are valid have not yet been established.
Nevertheless, it can serve as an approximation wntil more up-
to-date informatiom is available.
2.1.4 Lift Forces on Vertical Piles

In addition to inertial forces that are initiated by water

particle acceleration and drag forces that are initiated by water
particle velocity, transverse forces may develop because of ed-
dies forming altermataly on each side of the piles. The nature
of these foreces is not very well understood. ‘Anazlogous to.the

drag force, lifr forces can be expressed as:

fT_-cngf-nE;_ - (2.24)

in which: EL = 1ift fowce per unit length of pile
C; = lift coefficient

These forces act in a direction that is perpendicular to both
the pile axis and the direction of wave propagation.

For a flexible member, Laird (1962) chserved that if the

eddy shedding period is close to the natural period of vibration

of the pile, lift forces could be 4.5 times greater than the
drag forces based on the same velocity under steady uniform

flow, The amplificarion is because of dymamic interaction be-
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z

Fictitious
Pile

N Rt

'Notez X, y“and 2z axes
' are othogonal

Fig. 2.18 Replacement of an Inclined Pile by a Fictitious
Vertical Pile for the Calculation of Wave Forces
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tween the member and waves. However, for zigid piles, Laird dis-
covered that lift forces are of the same order of magnitude as
the corresponding drag forces in uniform steady flow.

CERC (1977) indicated that, for rigid piles, the values‘of
drag forces can be used as an upper limit for lift forces and

suggested the follawing_equatian to estimate the maximum value
of 1lift forces:

Fip = CL v D E! By (2.25)
in which: F,_ = maximm total lift force om pile
The lift coefficient, CL' is fbund to be dependent upon the
Carpenter mumber, Eﬁax:/D where Eﬁax is the average mwaximm hori-

zontal velocity'bvar the submerged length of the pile. This is
shown in Fig. 2.19,

2.1.5 Breaking Waves on Vertical Piles

For waves breaking in deep water, CERC (1977) pointed out
that wave forces can be predicted using the same procedures as
for non-broken waves. The diffarence is that only the breaking
wave limit line (H = Hh) in Figs. 2.4 through 2.16 will be rele-
vant for this situationm.

Breaking wave conditions are more common in shallow water.
As indicated earlier,:thg predominant wave force compoment in
shallow water results from drag and CERC (1977) suggested a
drag coefficient of 1.75 for design. This recommendation is
based on experimental results obtained by Hall (1958) on small-
scale model tests. The higher value of CD is probably becausé
of dynamic effects involved ia waves Breaking.
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2.2 Currents

The natural phenomencn of current has been discussed by
Bubbell and Kulhéwy'(1979).: It should be realized that diredt
current action on piles may ccﬁstitute ounly a small portiom of
the total influence; consideration must also be given to its
effect on moored vessels or other floating objecﬁs in_the shore
area.

Current forces exertad on piles can be expressed as:

fD-cD§§nu|u[ | | | | (2.26)
The drag coefficient, Cps can be obtained from Fig. 2.3 with a
knowledge of the Reymolds aumber (Re). Again, the lift forces
may be significant if the pilé is flexible and it vibrates un-
der the action of shedding eddies. _

~ Current veloclty to be used in design is largely dependent

upon the tbpographic and meteorclegical conditions at the site.
It can be measured d{fectly_at'the site with any appropriate
device. In cases where this inforﬁatian is not available,
Chellis (L961) recommended a valus of about 7 ft/sec (2 m/sec)
for ordinary design.

In cases where current and waves may exist together, it
is necessary to'supeiimpose the current velocity with the water
particle'valccity vectorially to arrive at the totél &rag for-
ces acting on the member. |
2.3 Iece | |

The characteristics of ice daepend largely upon the clima-
tic conditions at the site. In shcltared waters where wave

action will not be sgvere, ice loads may be a controlling fac-
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tor in design. In cold regions, appreciable damage of water-
front structures because of ice action has been reported.

The formation of ice may enlarge existing cracks in con-
crete piles, and moving ice floes may cause severe abrasiom of
pile surfaces at the water level. In addition, expansion of
_water because of freezing in an enclosed area can produce sta-
tic ice stress against a structure. 4 value of up to 30,000
psi (207 MN/m?) was cited by CERC (1977). |

In general, the two most c¢ommon forms of loadings associa-
ted with ice farmatzan can be categorized into the following:

1) vartical loads resulting from ice grip |

2) lateral loads resulting from ice impact
Vertical loads on piles By ice are made possible by ice grip

on the member. In regioms where the water level changes grad-
| ually, this is not likely to occur. However, in areas where
ica forms undisturbed for a long time, thick ice sheets ﬁay'ad-
here to the piles and a sudden rise of water level may result
in considerable uplift forces. Similarly, a sudden drop of wa-
tar level will leave the ice hanging around the pile, resulting
in downdrag. of piles. Impact force from ice sheets is caused
by momentum of the moving ice blocks carried by wind or curreat.

_These two forms of loadings caused by ice have been dis-
cussed by Hubbell and Kulhawy (1979), who discuss appropriate
procedures_to es;ima£e the magnitude of these forces.

2.4 na:thqnakgs _ . .
Earthiuakes, aven thpugh they may occur infrequently, can
~result in disastrous destyuction. Thns, earthiuake design must
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always be considered in an active seismic zome. Stronger earth-
quakes in the United States from historical times through 1970
are listed in the following U.S. Department of Commerce's (1973)
publication: rFarthquake History of the Unitad States . Further in-
formation can be cbtained in the annual report: United Statas
Zarthguakes , published jointly by the U.S. Depariment of Commerce
and U.S. Department of the Interior. A seismic risk map of the
United Statas is shown in Fig. 2.20. It should be noted that
earthquake design often leads to costly solutions which may

not be justifiable for small-scale structures. Therefore, the
consequences of an earthquake should always be examined before
an analysis is perfbrmed.

The procadures for detarmination of earthquake loads on
retaining structures are cutlined by Hubbell and Kulhawy (1979)
using methods proposed by Seed and Whitman (1970). This see-
tion will discuss some of the earthquake problems associated
with pile-supported structures. It should be emphasized that
earthquake analysis is a very complex dymamic problem and can
be a separate subject in itself; therefore only general guide-
lines will be provided here.

'All structures have a natural period of vibration. In ac-
tive seismic zomes, this period should be computed to avoid re-
sonance with the period caused by earthquake excitation. For
the case of a single pile, Chellis (196l) presented the follow-

ing equation to estimate the natural period of vibrationm:

T, =Ce g1 113 o (2.2
n £ EpIp/Le
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Fig. 2.20 Seismic Risk Map for Continental
: United States (U.S. Department of
Commerce, 1973)
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in which: T_ = nmatural period of vibration

n

.aﬂ
]

effective weight of pile

Young's modulus of pile material

H M
g g
| i

moment of inmertia of pile cross-section

o
"
"

length of pile_dawn to point of apparent fixity
(see Section 6.2) ’
¢g = coefficient depending on end restraint condi-
tion of pile | ' o
= 0.18 for full fixiry at bottom and no restraint
at top
=~ 0.09 for full fixity at both top and bottom
(see Section 6.2 for details on end conditioms)
For a group of piles, the following equstion_is suggested:

zﬂb

T-.c- ' 3
e £ Z(EPIPII.e )

(2.24)

It is believed (Chellis, 1961) that resonance will mot be a
problem under'nérmal earthquake conditiomns if the natural pex-
 iod of vibration of the structure is kept above 2 seconds,

An earthquake consists of horizomtal and verticai ground
motloms. The vertical motiom is of much smaller magnitude than
the horizontal motion and is usually neglected in design. The
horizontal motion will give rise to lateral forces acting on
the structure, the magnitude of which depends upon the stiff-
ness, inertial and.damping characteristics of the system, and
the size of the earthquake.

The Structural Engineers Association of Califormia (SEAQC)

simplifies the seismic response of structures and recommends




the following equation to estimate the magnitude of horizomtal
excitation forces during an earthquake (Degenkolb, 1%70):
P,=R*CW, (2.25)
in which: P, = horizontal excitation force
K* = coefficient to indicate capacity of structure

to absorb energy (may vary from 0.67 to 3.00)
C = seismic coefficient

= 0.05/3/T |
Wy = total effective weight of structure

- The development of the SEAOC equarion is based on the idea that
as the ground under tﬁe structure moves, the inertia of the
structure will tend to resist this movement, as illustrated iﬁ
Fig. 2.21. | |

It should be noted that methods outlined in this section
may have severe limitations in assessing the seismic respounse
of strucﬁures. Many of relevant parameters have been omitted
in the developument of the equations. Theresfore, the results
should be interpreted carefully.
2.5 Ship Tmpact

Direct ship impact with docks or piers.is undesirable and
some forms cf’protactive device shduld be used to absorb the
energy of impact. Fender piles are often employed for this pur-
pose since they are relatively cheap and easy to replace. Thus,
ship impact constitutes one of the most influential factors for
design of'fandar'piles.

Unlike othax types of loading, ship fmpact forces are not
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natural phencmenon. Although it may not be avoided, it can be
controlled to some degree. The magnitude of the force is a
funbtian of the weight of the'veséel (including any load that
it may carry), the speed at im@ad: and the energyfabsorbing
capablility of the system.

The speed at impact is datermined by the skill of the pi-
lot as well as the meteorological and oceancgraphic conditions.
Quinn (1972) suggested an.impact speed of 0.25 to 0.50 ft/sec
(Q.076 to 0.152 m/sec) for design. The enexrgy-absorbing ca- |
pabiiity of the system depends.}argély upon the.degree of ri-
gidicy 65 the pile. A rigid pile will undergo small deflectiom
and result in a large magnitude df impaét force. Cauversely,

a flexible pile will experience la:ger deflection with smaller
impact force. Based on the enexgy conservaticn equation, the
impact force ecan be given as:

=3 (mdve® o (2.26)

7
in which: P, = ship impact force

. P

k = ehﬁrgy-abscrbing'coefficiént
m_ = mass of ship (including load if applicable)
v_ = speed of ship at impact

y = deflection of pile |
The{eneégy-absbrﬁing coéfficient; k, is used to account for the
fact that mot all the energy is imparted to the pile; kinematic
enexgy is also absorbed through deformatrion of the ship hull,
deformation of the ground, rebound of the ship, etc . Quiﬁn
(1972) recommended a k value of 0.5 for design. |
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2.6 Summary

 Various forms of loadings that can affect pile-supported
structures {n the coastal raglms have been described. Most of
these loads are producad by the enviromment and therefore they
will fluctuate with time. This point has been ignored and it
is assumed that fhese dynamic ioads can be répresented by their
static.aquivalenfs; The validity of such assﬁmptioﬁs has been
discussed at the beginning of the chapter.

Proceduras for evaluation of waves, cﬁrrents, ice, earth-
 quakes and ship impact locads on piles are outlined. The direct
effecté'of forces resulting frcm.ﬁind tides, ete., are likely
to be small, but their interaction with other forms of loadings
should not be Lgnared. As the flnal cost of the structure is
directly related to the:magﬁicude of the éesign loads, good
judgment must be exercised in the selection of these load valﬁes.

The extant of influence of all forms of\loadings depends
lafgely upcen the site conditions. In well-protected areas where
most of the loads can be attenuatéd; the design load may be sub-
stantially reduced. FProtection can be natural or man-made.
Natural.protectioﬁ (a.g., sheltered bays) is provided by the
topographic features at the site and may'be available by a care-
ful evaluatian of varicus salected sites. Han-made protection
(e g., breakwaters, ice breakers) is constructed to suit site
conditions and SPECiflc requirements. The resulting bqufits
should at least offset the cosﬁ required to set ué the protec-
tive device

Finally, it should be emphaszzad that the forces actlng on
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a structure depend not only on the sources of loadings; in-
stead, chey are functions of both the sources of loadings and
the structure itself. Modification of the structural orienta-
tion and/or configuration may very often change the magnictude
of the loads. Therefore, different cptions should be constant-
ly examined in the design phase.



CHAPTER 3

* DESIGN OF PILES FOR COMPRESSIVE LOADS

Compressive forcas are exerted by the weight of the struc-
ture, which includes the weight of pilings, decks, stiffeners,
comnectors and other attachments that will remain throughout -
the life of the structure. In cases where the structure is par-
tially submerged in watar, the buoyancy force for the submerged
portion should be deducted from the total dead load to obtain
the net compressive force.

For structures such as docks or plers, it is also neces-
sary to include livé.loads (e.g., movable equipment, human oc-
cupants, véhicle;) in design. The magnitude of the live loads
depends upon the use of the structure and the amount of traffic
anticipatad. Minimum values are often prescribed by local
- building codes.

In addition to the dead and live loads mentioned above,
consideration must also be given to installation loads during
the construction stage, especially if the use of heavy construc-
tion equipment is necessary.

3.1 Ultimate Capacity of Single Piles

The ultimate load on a pile is defined as the load that
causes failure of either the pile or the soil. Under most eir-
cumstances, this is governed by soil failure, unless the pile
is founded on dense sand or rock. The following discussioms
will be limited to cases where failure of soil is the critical
fﬁilurn'mnds. However, the structural capacity of the pile
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should always be checked (See Secticﬁs 6.2'and 6.3.).

The detenmination of the ultimate axial capaczty of single
plles gives us an estimatlon ou the maximem load a pile can car-
ry for a givan depth of embedment, or raatated in another way,
it provides a method by which we can data:mine the depth of
penetration raquirad for a.pa:ticular job Evaluation of com-
pressive load capacity is required for the design of pile foum-
dations. However, one should realize that the design of any
foundation may be governed.by settlement (although rare for the
case of déep foundations), as well as beéring capacity. Dis-
.cussians on pile settlements will be presented in Section 3.3.

Computation of ultimata axial capacity is difficult, main-
1y because of the large numbers of parameters involved and the
umcertainties associated with these parameters. Moreover, in-
stallation of piles alters the soil properties to an extent
that may differ comsiderably from the original ground condi-
tions.

The ultimate axial load capacity of a single pile is-da-
termined at least by the following factors:

1) in-situ properties of the soil ma#s

2) dimensions and material properties of the pile

3) methods of installation

4) loading conditions

_ 5) time effects
- The extent to which these faétors influence the final capacity
is a functlon of the size of the pile and the ground conditions.

For small scale constrnctian work, tha'mathud af installation
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is probably the most important comsideration that can influence
the ultimate capacity. Therefdre,'the person'that superxvises
the installation process should have a sound undarstand;ng of
the assumptions made in the design phase.

For design purposes, the ultimate capacity of deep foun-

dations under campressive loading is conventionally separated
into two components: |

1) shaft resistance or skin friction

2} point resistance or base resistance
A free~body diagram of an axially loadad pile is shown in Fig.
3.1. In algebraic form, the ultimate compressive load that can
be carriad by the pile-soil system is given as:

Qe = QG *+ QP - ﬁb = fa, + a4, - ﬁb (3.1
in which: Qult = ultimate compressive load
Qg = yltimate shaft resistance
QP = yltimate poigt resistance
W_ - = net weight of pile = weight of pile - hydro-

P

' static uplift

fé = average ultimate shafr resistance per unit area
qp = average ultimate point resistance per unit area
A, = area of pile shaft embedded in soil
A = area of pile point or tip

The value of ﬁ is usually small compared with Q,, and there-
fore is often disregarded Equation 3.1. Methods to evaluate
f - and Iy will be presented later. The areas of the pile shafr
and pile point a*e given respectivaly as:
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Ag = w_rg Ddz =1 D L for a comstant cross-section (3.2)
Ap =7 D%4 : (3.3)

in which: L = length of emhedment of pile
| D = diameter of pile \

The allowable compressive load can be computed from the
follawing$ | . )

Quy1 = Q1e/FS8 (3.4)
in which: Qi1 ™ allowablz compressive load

' FS = factor of safery
The choice of the factor of safety should reflect ocur confidence
in the parametars involved in the design process. It alsce de-
pends upon the nature of the project and the financial loss in
case of failure. A factor of safety that ranges from 3 to 4 is
generally used for designing piles under compressive loadings,
when subsurface information is reasonably well-known.

Based on the mechanism,of %Pad transfer, piles can be
classified into two types: 1) piles that transmit the major
portion of the surface loads to the subsoil through shaft re-
sistance are called friction piles and, 2) piles that derive
their load capacities primarily from point rasistance are re-
ferred to as amnd-bearing piles.

It should be noted that Equation 3.1 assumes the shaft re-
sistance and point resistance to be independent of one another.
This is not true in reality. The shaft and point resistances
are got mobilized simultaneously, Pile movement required to
mobilize shaft resistance is around 1/4 to 1/2 inch (6.4 to
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12.7 m=m), while a displacement on the order of 0.08 to 0.10 D
is normally needed to mobilize the point resistance for driven
piles (Murphy, 1974). Therefore, in gemeral, ultimate point
resistance will not be developed until after the ultimate shaft
resistance is fully mobilized (Fig. 3.2). However, for design
purposes, our main concern is in the total value of ultimate
load.

Although methodologies to evaluate the ultimate load ca-
pacinies of piles classify the soil material into clay and sand,
the behaviozr of these two materials are the same in principle.
The difference lies in the éritical condition with. respect to
drainage that each material will experience under load. Drained
(long-term) conditions will normally govern fdﬁ cohesionless
soils, while undrained (short-term) conditions normally are the-
critical:mpde of failure fof normally consolidated and lightly
overconsolidated cohesive materials (For more informétion,-see
Sections 3.3 and 8.7.), In reality, procedures used to determine
ultimate load capacities for piles in clay are also applicable
to sand and vice versa. The appropriate choice of method de-
pends upon the conditions present.

' Since large numbers of technical papers have reported pile
capacities on the basis of clay (undréinéd) and sand (drained)
materials, the following discussions will be bfoadly separated
into these two categories. In many practical situations, the
- soil profile is likely to contain both clay and sand layers.

In that cise, the ;pp:apriatd'pﬁzamntdrz and approaches can.be
used for each layer to obtain the ultimate capacity for the
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whole pile.

In the discussions that follow, the loading conditions are
assumed to be static and long-term. Dynamic and transient
loadings on piles are beyond the scope of this study.

3.1.1 Piles in Clay

For piles driven in normally comsolidated and lightly over-
consolidated clays (caﬁtractive soils), undrained loading is
generally comsidered as the critical mode of failure. On the
other hand, for piles driven in heavily overcomsolidated clays
(dilative soils), the drained case is believed to govern the
design. | ' ' |

- The type of clay that we frequently encounter in the coas-
tal regime is narmally“CQnsolidated, although overcomsolidated
clay may be found in regioms that.have been subjected to 2
great deal of erosion or that have been preloaded.

In generzal, for pilés.driven entirely into clay, point re-
sistance is small as compared with shaft résistance and.the dis-
placement required to mobilize shaft resistance is smaller than
that required to mobilize point resistance. This is'especially
the case for small diametar piles driven into soft clay. There-
fore, point resistance is sometimes omitted in the design of
pile fbunda:ions.iﬁ clays.. |

Three major approaches have beén proposed to estimate the
compressive load cépacity of piles in clays: o-method, g-method
and )-method. The a-method uses parametars associated with un-
drained loading and thus is often called a total stress ap-
proach. Thi g-method is based om drained parameters and is



66

. sometimes called am effective stress approach. The A-method
was developed on the basis of soil stress theory for the um-
drained case. Each of these three methods will be described. -
The zand A-methods are largely based on empiricism in which

the coefficients a and A were back-calculated from load test

- results. The 8-method has some theoretical basis siﬁ?e the 8-
coefficient can be computed directly from basic soil parameters.
3.1.1.1 a-method _

This method has been widely used to compute the compres-
sive load capacity of piles in clay. It considers failure un-
der undrained conditions to be the critical mode of failure and
thus parameters -associated with undrained loading are used.

For this case, the unit point resistance can be computed from:

a, =N e, (3.5)
in which: N. = béa:ing capacity factor with respect to cohesion
¢ = undrained shear strength of the soil

o .
and the average shaft resistance per unit area is given as:

£ = ) (3.6)

in which: ¢, = pile-soil adhesion per unitc area

The determination of the ultimate point resistance in-
volves the evaluation of N,, ¢, and A, where the parameters
are defined earlier. Ap_is directly relatad to the geometry
of the pile and c, can be measured in the field or laboratory.
These two quantities can be obtained with no great difficulties.
For the determination of N,, Meyerhof (1951) derived the fol-

lowing equation:.
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N, =3 ta3 (EJfey +1.75 } @

in which: E_ = undrained Young's modulus of soil

As reported by D'Appelonia, et al. (1971), valuas of Eu/cu for
many types of normally consolidated';nd lightly overconsclidated
clays with plasticity index less than 30% are larger than 400.
This corresponds to a N. value of greater than 9. Therefore,
the use of Nc_equal to 9 sets a lower limit for the point re-
sistance. They glso pointed out that Eufcu would decrease ﬁith
increasing overconsolidation ratio and increasing plasticity
index. For heavily overconsolidated clays, it is possible that
Né may go dqwn to as low as 5 or 6. _ -

At present: the value of N, that has been widely accaptéd
o in practice is 9, although.values between 5 and 25 have been
suggested. Meyerhof's aquation is pot widely used bécau&e of
difficulty in evaluatianrof the undrained Young's modulus of
soils. Besi&es,jthe pdint resist&ﬁce constitutes only a_s&all
portion of the uitimate load capacity, so predictiom of point
resistance assuming a N, valué of 9 will provide sufficient ac-
curacy for most practical purposes. In fact, a Nc value of 9
in normally consolidated clays has béén confirmed by full scale
load tests carried out by Clark and Meyerhof (1973).

The adhegiom parameter, ¢,, in Equation 3.6_indicates how
well the pile and sail adhere tbgether. ‘Its value depends upon
a number of factors, which include the pile material, soil pro-
pex:iga ;ndfw;th9d of iggtﬁllgtiaa. The best way to detsrmine
¢, is from full scale pile-lead tests; howaver, this normally
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is not economically feasible for small-scale structures. Em-
pirical values or past data are often used. Numerous attempts
have been made to correlate éa to ¢,, the undrained shear

strength of soil, and therefore, e, is often axpressed as:
¢, =G cy ' (3.9)

in which: @ = adhesion coefficient

Vesié (1967) presented.é.summary of the ralationship be-
tween ¢, and cu'based on the work on many—investigatoré (Fig.
3.3). The figure includes values for both driven and bored
piles. His results indicated that o is consistent and is ap-
proximately equal to one for soft clay with an undrained shear
strength of less than 1000 psf (48 kN/m?). On the other hand,
the values of a for stiff clay are scattered with values that
go down to as low as 0.3. .

As illustrated bj—fesié's results (Fig. 3.3), it is not
surpris.ing that :héra has been little disagreement on the use
of o equéi to-one for soft clay wicth an undrained shear
strength of less than 1000 psf (48 kN/m?). However, the choice
of a for stiff clay is not as clear. McClelland (1974) com-
piled the recommendations made by several investigators for
driven piles in clays and this is shown in Fig. 3.4.

Although the recommended values of « for stiff clay vary,
there i3 a genexal tremnd of a decrease in a with inereasing
shear strength of the soil. This phenomenon, as well as the
large scatter of data for stiff clay, may be explained by the

existence of natural fissuras under in-siru conditicns or the
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formations of cracks caused by pile driving.

Tomlinson (1977).attributéd the écattering of a for stiff
clay to soil strata coverlying the stiff clay layer and sugges-
ted the a-values givea in Fig. 3.5. Two of the notable fea-
turas in Tomlinson's proposal are :that it takes into account
the effect of length/diameter ratio and the effect of the se-
quence of soil layers through which the piles pass.
3.1.1.2 g-method

For long-term:conditions in which the excess pore-water
praésure induced by'installaﬁion and loading of the piles is

‘negligible compared with the effective overburdem stress, the
ultimate axial capacity of a pile may be expressed in terms of
effective stress parametérs;. This drained condition may very
well be the exritical case for piles driven into heavily over-
consolidated clays.

Chandler (1968) described very clearly this effective
stress approach for obtaining the ultimate capacitf. He ;ug-
gested that the horizontal effective stﬁesses in the ground
may control the magnitude of shaft fesistance if the rate of
lo#ding s slow enough to ensure that drained conditions exist
along the pile shaft; These conditions, according ﬁa him, can
be met in main:aingd load tasts and in long-teﬁm, in-service
conditions. To be comsistent with the implicit assumption that
drained conditions goverm, the unit point resistance for this
approach should be computed as for sands and the average shaft
resistance per unit area is given as: |

fs = ¢ + K 5& tan § . ! (3.10)
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in which: € = effective cchesion ¥ 0
K = horizontal stress coefficient
G, = effective vertical stress _
§ - angle of friction between pile and soil

Eurland (1973) advocated that this effective stress ap-

"proach is applicable for all design cases. He suggested that,
" at the piie-soil interface, the rate of dissipacion of excass
pore water pressure can be so rapid that undrained conditions
are almost non-existent. The assumptions of this effective
stress approach, as stated in Burland's paper, are given as
follows: _

- 1) before loading, the excess pore water strass set up

. during installation is essentially dissipated.

2) the zome of disturbance around the shaft is relatively
narrow and loading takes place under drained condi-
ticns. ) | |

3) the soil has nd effective cohesion because cf.remcld-
ing du:ing installation.

4) the horizontal stress is proportional to the vertical
affective averbu:&en stress. | |

Adopting Chandler's (1968) procedures, Burland (1973) ex-

pressed Equation 3.10 in the form:

£, =87, : B . (3.1
in which: 8 = gkin friction coefficient = K tan §
- Thi-mgggituﬂg of the hﬂrizoﬂtal stress coefficiemt, X, de-
penés'tpﬁn the properties of the soil and the method of imstal-
iatian. It should be slightly larger than the soil stress co-
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efficlent at rast (K;) for small displacement piles (e.g., H
pile, pipe pile) and may approach the passive soil stress co-
efficient (Kp) for large displacement piles. Since the evaiua-
tion of K is very difficulr, Burland (1973) suggested the use
of X equal to K, to establish a lower limit on shaft resistance.
For normally comsclidated c¢lays, K, can be estimated from Jiky's

axpression:

K,=1l-sin 3 (3.12)

in which: K, = soil stress coefficient at rest
¢ = effective angle of intarmal friction of soil

In reality, the angle of friction between the pile and
the soil is likély to be less than the drained angle of inter-
nal friction of soil (except for rough concrete piles). How-
aver, 1t can be assumed that failure takes place in the re-
molded soil close to the pile shaft instead of alomg the pile-
solil intezface, so that § may be taken as ¢ (Tomlinson, 1971).

By setting K = K_ and § = §, Burland (1973) noted that the
values of B vary only between narrow limits for a wide range of
% (Fig. 3.6). For typical values of ¢ that range from 20° to
30°, 8 lies ouly between 0.24 and 0.29. This agrees with val-
uas of 8 Backécalculated from load test results on piles driven
in.normallf consclidated clﬁys (Fig. 3.7). The B values from
these tests range from 0.25 to 0.4 with an average value of
about 0.32. Burland recommended the use of 0.3 for 8 in design.
This important finding implies that the shaft resistance is de-
termined largely by the shaft area and the effective vertical
stress slomg the pila shaft. ”
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101

Fig. 3.6 Variation of 8 with & (Burland, 1973)
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For stiff overcansolidated,clay. Equatidn 3.12 does unot
apply and difficulty lies in estimating the value of.sail
straés_coefficient at rast, Kb’ Meyerhof (1976) suggested that
Kb can be roughly estimated from theifollawing expression:

K, = (L - sin §) /OCR (3.13)

in which: OCR = overconsolidation ratio
| The validity of Equation 3.13 has been verified by Flaate
and Selnes (1977). They demonstrated that the correction fac-
tox /UCK applied to overconsolidated clay does give results that |
are similar to those for normally cousolidated clay. This is
shown in Fig. 3.8. | |
3.1.1.3 A-method s

Vijayvergiya and Focht (1972) presented an altermative ap-
proach to'evaluata'the'piie capacity in cohesive soils. Based °
on the classical Rankine passive soil stress theory for undrained
conditions, they evaluated the shaft resistance of piles using
the effactive vertical stress as;well as the undrained shear
strength. Thesa:parameters were related to the shaft resistance
through an empirically determined coefficient, A. Using this
method, the point resistance may be computed in the same way
as the a-method and the average shaft resistance per unit area

is expressed as:

fs = 3 (av,+ Zcu) - (3.14)
in which: A = adhesion coefficient

The A-coefficient was determined from 47 load tasts on

steel pipe pilles summarized by the investigators. It is'given

as a function of depth of pile penetration (Fig. 3.9).
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_ One distinct feature of the A-method is that it indicates
the possibility of decreasing shaft resistance with increasing
pile length. This is confirmad by Meyerhof's (1976) finding
thaﬁ's'may decrease witﬁ inereasing pile penetratiom.

The i-approach has been questioned by several investiga-
tors. Flaate and Selnes (1977) reported that the A-method gen-
erally overestimates the shaft resistance and the correlation
is poor (Fig. 3.10). Esfig and Rirby (1979) argued that the
data base used to detarmine the coefficient A may be biased.
They pointed cut that the data from short piles are generally
piles thag are driven into stiff overconsolidated clay, while
the data from very long piles are generally piles that are
driven into soft clay.

This method has been widaly used by the offshore industry
to praedict the load capacities of heavily-loadad steel pipe
piles. It should be realized that although the Rankine theory
can'be.rigorously derived, the A-method itself is purely empiri-
cal. Rankine theory is applicable only for plame strain cases
(e.g., long retaining structures) and its use for circular
shafts does ﬁot have any thadretical justification.

3.1.2, Piles in Sand

'Because of the fast rata of excess pore water stress dis-
sipation, piles driven in sand are dominated by drained condi-
tions and drained parameters are to be used in the analysis.
ﬁnlike plles embedded in clay, the point resistance may have an
appreciable value and should not be omitred in design.

For the drained case, the unit point resistance can:be ex-
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pregsad as:
a '.Nq - . (3.15)
~in which: Nq = bearing capacity factor with respect to over-

burden stress
E;P‘ effective vertical stress at the pile point

and the average shaft resistance per unit area can be computed
from: |

£, =K T, tan § B (3.16)

Based on tha assumption that the soil is a perfectly plas-
tic material, a wide scatter of Nq variations have been pro-
posed by various authorities (Fig. 3.1l1). Of the solutions
showm in Fig. 3.11, that of Berezantzev, et al. (196l) is com-
sidered to be most reliable (Nordluad, 1963; Vesi&, 1965;
Tomlinson, 1977). Tomlinsem (1977) refined Berezantzev, et al.'s
' values given in Fig. 3.12.

q
Meyerhof (1976) suggested the use of an upper limit value

results and suggested N

for unit point resistance below the eritical depth (Lc). The
unit point resistance should then be expressed as:

QG = Ny T 2 9y o (3.17)
in which: q, = iimi:ing value_an unit point resistance below
the critical depth for piles in sand
According to Meyerhof (1976), the critical depth ratio can be
estimated from Fig. 3.13. Equation 3.15 is applicable only faf
piles with % lasz than g§, where L, is the critical depth. Be-

yond the critical depth ratio, q_ may be taken as q,, which is

P
constant with depth and equal to the value of 9, at %§.
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Vesid (1977) took a different view and expressed the point
resistance of pile foundations in sand in tarms of the méan

normal effective stréss rather'than the vertical effective
stress., This is given as: ‘

W ™ N, 4 | ' (3.18)
in which: N, = bearing capacity factor with respect to mean
normal effective stress

EB = mean normal effective stress = L+2Ko F
vp

By considering the expansicn of a spherical cavity in an in-
finite soll mass, Vesié (1977) derived values of Nc taking into
account the effgct of éampressibility of the soil and the vol-
une changes of the soil mass. The mass is assumed to behave

as an ideal elastic-plastic solid,

The,campreSsibility of the soil is expressed in terms of

a rigidity index,'I:, given as:

Ie_ S (3.19)
c + G, tan o

in which: G, = shear modulus of soil
Vesié (1977) compiled typical values of rigidity index for dif-
ferent scil types and these are shown in Table 3.1. In general,
the stiffer the soil, the higher will be the value of the rigid-
ity index. ' ' |

Vasié (1977) defined the volume change of the sand mass
te be ﬁhe avarage volumetric strain at failure in the plastic
Zone surrounding the tip of the foundation (Fig. 3.14). He
introduced a volithe change factor, ﬁv, wiich is defined as:
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TYPICAL VALU_B OF RIGIDITY INDEX, /.
~ (a) sands and silts

Relative | . Mean Normal (Rigidiry
Soil dansity stress lev index Souras
D,, 2, (kg/ems) Ir
8.1 200 |Vesid
0% 1 113 and
Chattahoochee sand 10 52 Clough
160 12 (1388)
208 0.1 140
b .11
Ottasa sand 4 0.45 265 Ray (1988)
21% 6.0% a9
Fiudnnnf siley 0.70 10-30.  |vesié (1972)
(h) clays (umdrained conditions)
Plagticity| Water | 0C | Effaccive [Rigidity :
Sedil indax contant |ratio|strass lavel| index Sourca
I ' e (kg/cm?)
? L)
rluld alay 25 23.1% 1 2.1 9%
22.5%) 2u - 8.38 lo
. - Ladanyi
Drameen clay 19 2h.94 1.$ 267 (1363}
25.1% 1 1.5 " -259
27.2%1 . 4.4 233
Lagunillas 50 sS4 1 §.% 3s0
clay : 4.0 ioc

fyrior to consolidation

Table 3.

1

(Vesi&, 1977)

Typical Values of Rigidity Index
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in which: §, = volume change factor
A -.average volumetric strain in the plastic zome
_ at failure
The corrected rigidicy indgx.‘lrr, that takes into account the
effect of volume change is then given as:

L. =8I ' - ' | : (3.21)
in which: I, = reduced rigidity index

In the case of no volume change (undrained comditiom), £,
ean be taken as one and 1. will then be equal to I,.

The variation of N&_with I_. and § is shown in Fig. 3.15.
The plot indicates chat the rigidity index is as significant
as the angle of internal fricrion in the determination_cf N,

Although Vesié (1977) -did noﬁ menﬁiqu the existence of a
critical depth, the increase in G_ with depth will lead to a
reduction in N, and it is possible that the unit point resis-
tance may reach a limiting wvalue.
and 7 in

vp v
Equations 3.13 and 3.16 cammot increase indefinitaly with depth.

It has been reportad by Vesié (1965) that

He pointed ocut that the effective vertical stress reaches a
limiting valua at a depth of about 10 diameters for very loose
sand to about 20 diameters for very dense sand. Accordingly,
the point and shaft resistances will reach a peak value at
these depths. An illustration of the variatiom of unit point
and shaft resistances with depth is shown in Fig. 3.16. Vesié
(1965) attributed this behavior to the effect of arching in the
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sand above the pile tip, However, subsequent research does not
seem to support this concept. At present, this is still a de-
batable question. No solid evidence can be found either for or
against this effect. In spite of this, the idea of a limiting
value of vertical affectivé stress is still extensively used

in practice because it is on the canseﬁvative side.

Values of K and §, as usad in Equation 3.16, have been
suggested by Broms (1966). This is shown in Table 3,2.

In the case of a taperad pile, an increase in shaft re-
sistance should be anticipated. The method to evaluate the
ultimate load capacity of tapered piles in sands will not be
dascribed here.. However, the reader can refer to the work of
Nordlund (1963) for procedures to estimate the ultimate com-
pressive capacity of tape:ed piles.

3.2 Ultimate Capacity of Pile Groups

Piles are commonly used in groups, with spacings of a few
diameters apart. Like the design of a'single pile, the design
of a pile group must conform to two basic criteria: bearing
capacity and settlement. Evaluation of group bearing capacity
will be discussed in this section and group settlement will be
prasented in Sectiom 3.3.

The methods for estimation of single pile load capacity
have been presented earlier. Determination of the load carry-
ing dépacity of a pile group requires an estimation of single
pile capacity, together with a judgment'an the effect of inter-
action betwean plles in a group.

The ultizate capacity of a gzoup of piles which derive
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Pile Type 4 &
Steel 6.5 to 1.0 20°
Concrete 1.0 to 2.0 %5
Timber 1.5 to 4.0 .32'5'

Values of K and § for Piles in Sand

Tabkle 3.2
' (Broms, 1966)
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most of their load carrying capacities thfough point resistance
éan generally be taken as the sum of ultimate load capaciﬁies '
of individual piles. However, for piles that transmit mpst of
their loads through shaft resistance, group effects must be
taken into consideration. For piles in which shaft and point
resistancas are equally important, it is recommended that groups
effects bg considered only for shaft resistance (Chellis, 1961;
Vesi&, 1969). |

For piles that derive most of their capacities from shaft
resistance, the load carrying capacity of the group is general-
ly less than that of a single pile multiplied by the total num-
ber of piles in a group. This reduction is often expressed in

terms of an efficiency factor, n, givenm as:

ultimate load capacity of group (3.22)
sulm of ultimate load capacities of individual piles

n-

The efficiency factor of a pile group depends primarily on
the soil properties and spacings of piles rather than the ma-
tarial of the pile. In general, n is equal to one at relative-
ly large spacings, but decrsases as the spacing decreases,

3.2.1 Groups_in Clay

Several empirical formulae have beenm proposed to determine
the group efficiency factor. Some of the more common ones are

given as follows:

1) Converse-Labarre formula

n=1-g (Gxlimmln, (3.23)

in which: ¢ = are tan (D/s)

n = number of rows
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‘m = number of piles in a row
s = center to center spacing of piles
©2) Feld's rule

The calculated load capacity of each pile in a group is

raduced by 1/16 for each adjacent pile around it and no

consideration is made to pile spacing or pile diameter.
A more coﬁprehgnsive=reviQW'of these. empirical formulae can be
found in Chellis (1961). These empirical formulae are mainly
related to the geometry of the group with no comsideration
given to the physical.propeﬁties of the soil or the length
of piles embedded. In fact, Chellis (1961) showed great varia-
tions in n for a given pile group using various empirical for-
mulae. These formulae may be misleading anﬂ*may not be ap-
plicable to all types of design conditioms. However, they can
provide a quick estimate on pile group efficiency and may serve
as a check. Results from model tasts carried out by Whitaker
(1957) and Sowers, et al. (lQGI)ISEEN to favor the Converse-
Labarre efficiency equation. |

Besides the use of empirical formulae, model tests have

been conducted by va:iou# investigators to determine the group
efficiency factors of pile groups in clays. de Mello (1969)
summarized the works from Whitaker (1957), Saffery and Tate
(1961) and Sowers, et al. (1961) and this is reproduced in
| Fig;_S.li. The figure includes results for free-standing pile
groups of 2x2 tdISxQ piles-with'lengths 12D to 48D. From the
figure,it can be seern that for spacings commonly used in prac-
tice (2D to 4D), n is on the order of 0.7 to 0.9 and that high-
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er efficiency factors occur for larger spacings, piles having
smaller length/diamnter ratios and pile groups having the
smallest number of piles.

Ore of the most widely used methods to estimaﬁe group
load capacity is that proposed by Terzaghi and Peck (1967).
They suggested that the group capacity is the lesser of:

1) the sum of.ﬁhe-ultimate dapacities-af.individual.piles.

in the group |

2) the ultimate capacity of the block defined by the

exterior piles in the group '
For a block with plan diménsian B, X Lg. the block capacity can

g
be expressed as:

Qg ™ BsLscu'qc + 2L Bglyde, | (3.26)
The concept of block failure is further depicted in Fig, 3.18.

These two types of failure have been confirmed by Whitaker
(1957), who demons:rate&':hat'fbr any pile group, there is a
critical value of spacing below which failure occurs as if the
whole block of piles acts as a vﬁry lgrge foundation.

3.2.2 Groups in Sand

Unlike pila groups in clays, pile groups in sands may have
an efficiency factor less than or exceeding unity, depending on
the relative denszty of the sand mass, pile roughness and spac-
ings of piles in the group. When groups of piles are driven
into loose sand, the soil around the piles becomes highly com- -
pacted. 1If the pile spaciag is close enough, this will ipersase
the frictional resistance alaagith@'yilc shafts and hence the
ultimate group capacity may exceed the sum of ultimate capaci-
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‘ties of individual piles. On the other hand, if the sand is
so dense that the sand particles will dilate instead of under-
go camgactian, group efficiency may then be less than unzty
In all cases, group efficiency will approach 100% if the piles
are spaced far enough apart, i.e., group effects will be mini-
wized. ' ,

Lo (1967) pﬁcvidgd a summary on pile group efficiency ver-
sus pile spacings, which is shown in Fig. 3,19. The data con-
firm that piles d:iﬁen into demse sand may have an efficiency
less than one. Furtheémnre, it can be seen that piles driven
into locse saﬁd.reach the maximum éfficigngy at a spacing of
about cwb pile diamsters. This maiimum afficiency ranges be-
tween 1.8 to 2.2.

A rather extensive investigation om the behavior of pile

groups in sand was conducted by Vesié (1969). He carried out
a series of ﬁasts.with 4-£nsdiametar (102 mm), 60-in-lomng (1.5
'm) piles in four- and nine-pile groups, with and without caps,
in sand. Two types of artificial sand deposits were usad:
1) homogeneous, medium dense with relative demsity of about 65%
2) two-layer mass, consisting of an upper stratum of loose sand
(relative density ¥ 207), underlain by a stratum of dense sand

- (relative d&nsity % 80%) . ﬁoﬁe of his'testﬂresults are shown
in Fig. 3.20. The test results indicate that grouping has
practically no effect on ultimate point resistance. As shown
in the figure, the point resistance efficiency remains constant

at unity, independent of qucing.; Oﬁ the other hand, Vesiéd de-

tacted a significant increasa of ultimate shaft resistance when
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piles are placed in a group. Consequently, Vesié's finding
does not support the idea that pile groups in sand can be ana-
lyzed through a comparison between individual pile failure ver-
sus block failure. Neverthelass, he ﬁointed out that the pro-
cedures can be used reasonably well with respect to ultimate
shaft resistance.

As can be seen from Fig. 3.20, pile caps that sit on the
surface of the soil can contribute significantly to the ulti-
mate capacity of the group, particularly in the case of smaller,
four-pile groups. Kishida and Meyerhof (1965) have suggested
that the contribution of pile cap to the ultimate capacity of
a pile group in.sand should be evaluated based on the outer
:&.:_n of the cap contact area (shaded area in Fig. 3,21) if block
failurg dominates or the entire contact area if piles fail in- |
dividually. However, Vesié (1969) showed that the idea that
only the outer tim of the cap contact area contributes to the
ultimate capacity of a group applies equally well for both sit-
uations. Ccmpa:isans'betwéen back-caleulated and theoretical
values of the surface bearing capacity factor, NY, showad good
agreement. However, if erosion or settlement of soil under-
neath the cap is anticipated, it is not a good idesa to count
on this increased capécity in design.

3.3 Setrlement Analysis

It is well known that the total deformatiom of a soil mass
undar load does not oceur instantanaously; instead it is a time-
dependent process that may extend over lomg periods of time. 4
typical time-satrlement plot is illustrated schemetically in
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Fig. 3.22. Three components of settlement can be idenrified
on this plot:

15 immediate settlement

2) consolidation settlement

3) sacondary settlement
Immediate settlement is the portion of the settlement that oc-
curs "instantaneously"” under the applicatiom of load. This
arises from elastic compression of solids and water as well as
air compression (if the soil is partially saturated). Comsoli-
dation settlement results from the dissipation of excaess pore
water stress and the consequent increase in effective stress.
it is gssentially completad wﬁen'the axcass pore'water stress
1s completealy dissipatad.(tloo on the curve). The f£inal phase
is secondary settlement, which i3 from the plastic deformarion
of solid particles and rupture of intarparticle bomnds. The
relative magnitude of these three components of settlement vary
over a wide range, depending upon the soil type, soil condition
and the form of loading. General settlement behavior is dis-
cussed in detail in mumerous textbooks on soil mechanics (e.g.,
Terzaghi and Peck, 1967; Sowers, 1979; Wu, 1976). Based on
elasticity solutions, Poulos and Davis (1968) demomstratad that
for pile foundations, immediate settlement is a predominant por-
© tion of the total final settlement. |

Settlement of a pile foundation under load incorporates
the folldwing two factors: |

1) salastic shortening of the pile

Z)Idiaplscgﬁant of the pille point becausae of deformation
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of soil below the pile tip
The determination of these two factors requires sophisticated
- methods of énaleis. It is beyond the scope of this study to
discuss all these methods. If necessary, the reader can re-
fer to the elastic solutions compiled by Poulos and Davis
(1974) for estimation of pile settlement.

In contrast to shallow foundations (e.g., spread footings),
sattlement is rarely a controlling factor for the design of
pile foundatioms. As pointed out by Tomlinsom (1977), settle-
ment for small diameter piles (up to 2 feet or 1.2 m) will be

minimal (% inch or 10 mm) under working load conditions if a
safety.factory of at least 2.5 is applied, In fact, settlement
calculations are often ignored in design. This ié particular-
1y so for coastal structures in which the structural configu-
rations are of simpler form than residential or commercial

buildings. -

It should be emphasized that the amount of displacement
.raquirad to mobilize shaft resistance is small (0.25 to 0.50
inch) and is practically independent of the soil type as well
as the diameter and length of the pile. On the contrary, the
movement requirad to mobilize the base resistance is large and
generglly increases with the diameter of the pile. Therefore,
under working load condicions, it is desirable to have full
mobilization of shaft resistance for maximum efficiency. 1In

other words, settlement can be reduced simply by increasing the
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shaft area either by increasing the diameter or the length of
the pile.

The settlement of a group of loaded piles is always
greater ﬁhan that of .a single pile carrying the same load as
that on each pile within the group. This occurs because the
zone of soil stressed by a pile group has a much greater di-
mension than that of a single pile. This differénce_will be-
come more distinct if the stressed zome of the pile'grOup ex-
tends down to a soft compressible stratum that is beyond the
influence of a single pile (Fig. 3.23). Therefore, extrapola-
tian of load test results on the settlement of single piles to
group behavior must take this possibility into comsideratiom.
3.4 Summery | - |

For'pile# erbedded in clays,'th:ee major methods (a, 8
and i-methods) have been prdposed to evaluate the ultimate com-
pressive locad capacity. Thg a and l-methods are largely based
on empiricism, while the S-method has some theoratical basis.

At the present time, there is no solid evidence that prefers

one method over the others. All three approaches are widely

~ adopted in practice. Therefore, it is recommended that all
three methods should be examined for a particular design. For
piles embedded in sands, the point resistance may reach a limit-
ing value at saﬁe critical depcth below the ground surface. This
value can be computed either by a conventional approach using the
effective vertical stress or by Vesié's approach using the mean
normal effecrive stress. The evaluation of shaft resistance
lies essentially {n the datetmination of X and §., ILdeally,
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' these can be determined from load test vesults. If these are
mot available, the values shown in Table 3.2 can probably be
used. | |

Two methods have been presented to estimate the group load
capaclity. The efficlency factors can provide a quick and rough
estimate, but no consideratian-is given to the physical be-
havior of the system. Terzaght and Peck's approach seems to
be more reasonable and should be used for final ccmputatian of
pile group capacity.

- As indicated in Sectiom 3.3, the settlement of pile foun-
dations for coastal structures i3 often a minor consideration.
In most cases, settlement under working loads will be minimal
~if an appropriate factor of safety is applied. Overdesign of
the foundatiocns to reduce the settlement of waterfront struc-

tures i{s normally not justified.



CHAPTER &

DESIGN OF ?ILESfFOR’U?LIFT LOADS

Except for spaclal types of structures (e.g., tall trans-
mission towers, buildings founded om expansive clays), piles
used on land are seldom subject to significant uplift forces.
On the other hand, the désign.of piles for coastal structures
(e.g., docks, pilers) often rﬁquires cousideration of uplift
loads. |

. Uplift loads may resulﬁ either from lateral forces or
direct pull-out. While lateral forces may develop from waves,
- boat impact, ice impact, wind, etec., direct pull-out forces
arise almost exclusively from icé grip on piles along with rise
of water levels. 1In.cold regions where there is large varia-
tion in water levels, the latter can dominate the design.
" 4.1 Ultimate Capacity of Single Piles

The determination of ultimate uplift capacity of single
piles basically follows that adopted for calculation of ulti-
mata compressive capacity. While the dead weight of the pile
may become more significant in Equation 3.1, the point resis-
tance is not applicable and should be omitted.

The uplift registance of single pilas is datermined by
threse major factors: |

1) geometry of failure surface

2) shear strength of soil

3) weight of pile
The geometry of the Failurs surface is probably the most diffi-

11¢
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cult to evaluate. In most cases, this is not well-defined and
an assumption has to be made with regard to the shape of the
failu:é surface before mathematical formulation of the problem
is pessible.

4.1.1 Piles in Clay .

For an 1s‘olated single pile in clay, the uplifr failure:
surface is often assumed to be at the pile-soil interface.
Strictly speaking, if the adhaszon strength between the pile
and the soil is larger than the undrained sheaz strength of
the soil (which is possible for very soft clays), the failure
boundary is likaly to occur at some distance away.from the pile
~ surfaca. This point is often ignorad in design and the maxi-
mum adhesion strength 1s taken to be equal to the undrained

shear strength of the soil. The uplift resistance is simplj
expressed as: '

Tae = G 4 +F, | BTN
in which: T ,, = ultimate uplift load

¢, = pile-soil adhesion

A, = area of pile shaft embedded in soil
W, = net welght of pile

= (dead welght of pile - hydrosta:ic uplift)

" As shown by Equation 4.1, the uplift capacity of pilss in
clays is'composed of shaft resistance and the dead weight of the
piles minus any hydrostatic uplift. Although very few pulling
tests have been performed for piles in clay, it seems that most

designers agrae to use the same pile-soil adhesion for both up-
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1ift and compressive loadings. According to the summary of
pulling test results given by Sowa (1970) on cast in-situ con-
crete piles, the a-coefficient doas show a general trend of de-
crease with increasing undrained shear strength and these values
conform roughly with those suggestad by Tomlinson (1957) for
compressive loadings (Fig. 4.1). This concept is also confirmed
by the.l-method.proposad by Vijayvergiya and Focht (1972). Of
the 47 load tests summarized by the investigators, 9 are pulling
:ests and 1t seems that these data do not show any sign of no-
ticeable dissimilarity from the rest of the data points (Fig. 4.2).
- In contrast to piles under compressive loads, piles under
sustained uplift forces have capacities that decrease with time,
It is beliaved that negative pore water stresses occur in clay
during uplift. As these negative pore water stresses disgipate,
the soils adjacent to the pile will decrease in strength and
thus the long-term (drainedi uplift capacity will be less than
the short-term (undrained) capacity. As noted by Meyerhof and
Adams (1968), this reductiom is larger for piles in stiff clays
with short embedded lengths. The.lattgr ides is also pointed
out by Tomlinsom (1977), who suggested that the reduction will
not be significant for a depth/diameter ratio of greater than
5. Furthermoras, ic:should.be-meﬁticned that a major pertion of
"tha:uplift‘forée is traﬁsient, so the evaluation of long-term
uplift capacity.may nbt be necessary under these situations.
Howaver, if drained conditions are found to be critical, the
uwplift load capacity cam be estimated by procedures outlined
in Section 4.1.2 using the drained parameters of clays.
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4,1.2 Piles in Send

The uplift failure surface for an isolated single pile in
sand iz more complex than that of piles in clay, because it is
often not well-defined. Depending'oﬁ the roughness of the pile
and the density of the sand, particles in the viciﬁi:y of the
plles are oftéﬁ mobilized as the piles move upwards. Some of
the uplift forces have to be dissipated in mobilizing these
sand particles. In sﬁité of this,la cylindrical failure sur-
face close to the pile~soil interface is often used in design
and the uplift capacity is given as:

1 - - ' .
Tult =57 D L K, °vp tan 3 +-Wp (4.2)
in which: T, = ultimate uplift capacity
L = length of embedment of pile

D = diameter of pile
[} -‘effactﬁve angle of internal friction of soil
Eép. - effective vertical stress at the pile tip
K, = horizontal stress coefficzent for uplift

Theore:mcally, there are at least two raasana that support
different K values for uplift and compression. First, the
Poisson effect of the pile under load tends to increase X dur-
ing compression and reduce K during uplift. .Secand, arching
of soil above the pile point will prdbably increase K &uring'
uplift and reduce K during compression. At present, there is
not enough information to'éssess the extent of influence of
these two phennmana In splta of thias, a lower value of K for
uplift is oftan recommended (e.g., McClelland, et al., 1969;
APT, 1977). While this may not be of any significant effect to
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piles governed by compressive loadings, such 4 recommendation
may lead to an over-comservative deszgn for piles subjact to

large uplift forces. Until further information cam clarify this

" point, tha K values for uplift and compression can probably be
 taken as the same value.

4.2 Ultimate Capacity of Pile Groups
' In estimating the uplift capacity of pile groups, an ap-
proach similar to that adopted for compressive loads can be
used. The ultimate uplift load for the group can be taken as
the smaller of: |
1) tha sum of the ultimate uplift capacities of individ-
ual piles in the group. |
2) the ultimate uplift capacity of the block defined by
the failure surface of the group.
The ultimate capacities of individual pilas in the group can be
estimatad by procedures outlined in Sectionm 4.1. If the pile
group beha&es as a single large foundation, the uplift resis-

- tance is provided by the shear strength of the soil around the

periphery of the block. Fu:thermoré, the weight of the block,
inecluding the weight of the soil enclosed by it, will add to
the uplift capacity of the large foundation (Fig. 4. 3)

4.2.1 Groups in Clay

Fox pidle groups in cohesive soils, the ultimate uplift

load under umdrained conditions is given as:

Tale ™ ZI.(I.s + Bg) Cg * ﬁr 4.3
in which: LE;- length of pile group
Bg-~ width of pile group
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C, = undrained shear strength of soil
Wy = weight of structure + weight of soil enclosed
| by pile group - hydrostatic uplift
The first term in Equation 4.3 gives the undrained shear resis-
tance of soil around the equivalent single large foundation and
the second term represents the total dead weight of the ma-
- tarials that the uplift forces have to overcome.
%$.2.2 Groups in Sand
In the case of cohesionless sbils, the failure surface of

a group of closely-spacad.pilés is not well-defined. Naver-
thelass, a failure surface defined by the exterior piles in

the group can probably be used for design purpcses. The ul-~
timate uplift load is given as:

Tye = Ly + B) K, T can § + W, (4.4)
4.3 Summary ' .

The determinaticm of the ultimate uplift load capacity
basically follows that for compressive locads. The point re-
sistance is not applibable and the uplift loads are mainly
counteracted by the shaft resistance and the dead weight of
the piles. Therefors, uplift resistance can be increased
either by employing a larger shaft arsa or by adding dead_
weight to the piles. The latter is usually not feasible,
especially if the piles are required to carry altermating up-
1ift and compressive loads.

For piia graupi, the concept of individual-pile failure
versus block failure is slso adopted for che evaluation of
the ultimate wplift capacity. For bloek failuve, the uplift




119

léad capacity incorporates two fé.ctors: 1) th‘é sheaxr resistance
around the periphery defined by the exterior piles in the group
and, 2) the net i}eight of the piles plus the weight_ of the soil
enclosed by the group.



CHAPTER 5

DESIGN OF PILES FOR LATERAL LOADS

In addition to compressive and uplift loads, piles used
for coastal structures are often subjected to significant lat-
eral forces. Lateral loads arise from many sources, ameng which
the more important ones are:

1) ship impact

2) ics

3) wind

4) waves.

5) current

6) earthquake

7) soil stress

8) floating debris
These locads may or may not reinforce one another, depending
upon the locatiocns and the functions of the members. _

The design of laterally loaded piles is one of the more
difficult aspects of deep foundations. 1In the past, methodolo-
gies for design were largely based on the "rule-of-thumb" ap-
proach. One example of ﬁhat is the recommendation made by
Mhﬁu;ty (1956) on safa allowable lateral forces on ver:ical
piles (Table 5.1). This type of approach may very often lesad
to underdesign or overdesign since the basic mechanics of the
problem are not properly dealt with.

As indicated esrlier, the design of pilaes for compressive
loads has to meet the basic requirements of capacity and setrtle-

120
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Free-end timber pllag, 12-inch diameter-

mm...“'.‘-i.l..' !smm
mm.-.--.......-... lmm
uﬂ“myoollnccoiooctn lmm

Fixed~end timber piles, 12~inch diametsr

Mocium s80d , o .o cece e e 3000 pounds
nﬂﬁﬂ......;..{-.-.... iﬁﬂﬂpmﬂ
Modium ¢35Y «ovveens oo ene. 4000 pounds

mﬂ“--‘---.....-.. mm
mm.......l........ smm
Moo clay o ovveeeeneseo. 3000 pounds

Fixeduend comcrets piles, 18-lnch dametsr

Medlum sand . c s e v oeviveose 7000 pounds
-mm..l..‘..........‘ mm
Mediarm claY v cvaaaere oo e 5000 pounds

(See Preface for SI Conversions)

Table 5.1 Suggested Safe Allowable Lateral Forces
on Vertical Piles (McNulty, 1856)
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ment. Similarly, the design of piles for lateral loads must
conform to two criteria: lateral capacity and deflection. The
pile~soil system must be safe against lateral capacity failura.
In addition, thea piles should not undergo axcessive deflection
at service load conditions.

In this ch#ptar, the behavior of piles and pile groups un-~
der lateral loads will be examined. It should be ncoted that
most of the recent work on this sﬁbject matter is based om
computar-aided techniques. These will not be described here.
However, the reader can refer to Reese and Desai (1977) for a
thorough discussion and & list of references on these approach-
es. The following discussions will emphasize methods that
are suitable for rapid hand caiculations.

5.1 Ultimate Capacity of Single Piles

In contrast to the ultimare capacity of piles under com-'
pressive loads, in which the stfangth of the.pile-scil system
is normally limited by the strength of the soil, the ultimate
cap#city of piles subjectad to lateral loads may or may not be
controlled by the stremgth of the soil. The bending moment in-
duced in the pile may well exceed the yield moment and conse-
quently the failure mode is determined by the structural capa-
eity of the pile. Because of this, laterally loaded piles can
be separated into rigid and flexible piles.

A pile behaves as a rigid unit if failure of the soil oc-
curs before fzilure of the pile. On the other hand, a pile is
considered to be 2 flexible member if fallure of the pile oc-
curs prior to failure of rhe soil. in othar words, the capaci-
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ty of a rigid pile is determined by the stremgth of the soil
and that of a flexible pile is governed by the yield moment of
the member. Whether a pile will behave as a rigid or a flexi-
ble member depends primarily upon three faétors:

1) ralative stiffness between pile and soil

2) length of piles |

3) depth of penetration
To achieve maximum efficiency, the pile should be dasigned so
that both the member and the soil can f£ail simultanecusly. How-
ever, this is not always possible since there are numerous
other factors involved in the design process.

Laterally loaded pilas are further classified as free-
headed or restrained pilés. A free-headed pile is free to ro-
tate at the pile head (Fig. 5.1); a restrained pile is fixed
against rotation at the ground-line (Fig, 5.2). Piles that
extend above the groﬁnd—line,_and are fixed against rotation
at the top, can be treated as free-headed members with the
loads applied at some distance e above the ground-line (Fig.

5.3), where e is given as:
e =% (L, - L (5.1)

in which: e = distance of lateral loads above the ground-line
L, = length of umsupported portion of piles (from
the ground-line toc the deck or cap)
L, = equivalent length of embedded portiom of pile
The equivnlent'embadded-1angth. L, can be estcimgted according

to procedures outlined in Secriom 6.2.
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Fig. 5.1 Free-Headad Pile
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Fig. 5.2 Restrained Pile
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ﬁpon application of lateral loads, free-headed piles wili .
undergo larger deflections and therefore are more desirable ta
be used as faender piles. Omn the contrary, pilés fixed against
rotation at the top have-moré rigidity and are more suitable
for docks, piers or wharves where excass deformations of the
structure camnot be toleratad.

Obviously, a free-standing pile with no pile cap is con-
sidered to be a free-headed pile. For other types of piles,
the level of restraint depends upon the connections between tha
piles and the deck or cap (See Section 6.2.)., To some extemt,
cross-bracing between adjacent members may alsc restrain ro-
tatidnal movemant at the top and provide extra lateral rigidi-
ty to the systam (Fig. 5.4).

Strictly speaking, the failﬁre mode of laterally-loaded
piles is three-dimensionmal. Thus, rigorous treatment of the
problem requiraé a éhreeﬂaimensianal analysis. Analyticél so-

- lutions are likely to be very difficult, if not impossible. i
Numerical procedures (e.g., finite element methods) wiﬁh the
advent of high—spéed digital computers have thrown some light
on this problem. However, the implementation of these pro- |
cedures is expensive and may not be justified for simpler con-
struction.

The procedures to estimate the ultimate lateral resistance
of single piles will be outlined in this section. The method
basically follows that proposed by Broms (1964). In each case,
the capécities of piles at the ultimate stage will be evalua-
tad. The allowable lateral load can be calculated by dividing
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Fig. 5.4 Effect of Bracing on Rotational Movement
at the Top of the Pile
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_the ultimate load with an appropriate fa;tor of safet}.
5.1.1 Piles in Clay

When a free-headed, rigid pile is IAaded laterally, it
will zotate as a unit with the center of rotatiom located at
some distance below the ground surface. The scils in front of
the pile near the grdund surfaca will be pushed upwards while
those at gra#ter depth will be compressed in the directiom of
pile movements. In the case of a restrained pile, the member
will translate horizontally with the soils in fromt of it being
comprassed.

Assuming the pila displacements to be large encugh to
mobilize the maximum soil reactions, Broms (1964a) simplified
the distributions of soil reactions and pile moments at the
ultimate stage to those shown in Figs. 5.5 and 5.6. The ulti-
mate lateral resistance providad by the soil in front of the
pile has been related to its undrained shear strength (cu).
Broms (1%964a) suggastad the use of 9cu to be the maximm soil
resistance. Soil reactions up to 1.5 D below the ground-line
are ignored to account for the effect of soil moving above the
ground-line as a result'df.lack of vertical restraint near the
ground surface.

The soil reactive stress diagrams shown in Figs. 5.5 and
5.6 are in a state of plastic equilibrium, so the soils will
deform indefinitely under lcads and the system is on the verge
of plastic failure. Ths maximwm moments inducad in the piles

at this ultimate stata ars given as:

Q. 5P
Moy = Py (& + 1.5 D + gouBhE) for free-headed pile (5.2)
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Fig. 5.5 Soil Reactien and Bending Momeat Distribution
for a Rigid, Free-headed Pile in Cohesive
Soil (Broms, 1964a)

Fig. 5.6 Soil Reaction and Bending Moment Distribution
' : for a Rigid, Restrained Plle in cOhe51ve
Scll {Broms, 1964a)
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Miax ™ Pu.lt (0.5 L + 0.75 D) for restrained pile (5.3

in which: Mopx ™ Daxioum pile moment
P,i¢r = ultimate lateral load
D = diameter of pile _
¢, = wndrained shear strength of soil
L = length of embedment of pile
Based on statics considerations on the simplified distri-
bution of maximum soil reactions shown in Fig. 5.5 and 5.6,
Broms (1964a) developed a chart for determination of ultimate
‘lateral capacities of vigid piles. This is shown in Fig. 5.7.
It should be noted that this graphical relationship applies
only for cases where Moax is less than H}ield’ the yield mo-
ment of the pile (i.e., the pile behaves as a rigid member).
‘When a free-headed, flexible pile is loaded laterally,
both the pile moments and the soil reactions along the pi_la-
will increase. By definitiom of flexible mewbers, the ultimate
la..i:aral capacity of the pile-soil system i3 determined-by the
yleld moment of the pile shaft. Failure occurs when a failure
hinge (a section where thea pile material has reached its uleci-
mate strength) is formed somewhere along the pile. In the case
of a restrained pile, one or two failure hinges may be formed,
depending upon the length of the member. For an intermediate-
length pile,. the failure hinge will occur at the level of re-
straint; for a long pile, one failure hinge will be formed at
tha leval of restyaint and the other at some depth below the
ground rurfaca |
By assuming the soll teactions abova the failure hinge to
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be fully mobilized, Broms (1964a) simplified the soil .reaction
and bending moment distributions for flexible piles in clays
te those shown in Figs. 5.8, 5.9 and 5.10. Dimensionless so-
lutions for these situations are showm in Fig. 5.1l. It should
be noted.ffom the graph that the ultimate lateral capacity of
a flexible pilé is independent of the penetration depth and,
therefore, there is no point in driving a pile down to a depth
greater than that required for the pile to behave as a flexible
member (except for cases where greater penetration depths are
necessary to support axtal loads). |

Broms (1964a) has compared the maximmm bending moments
conmputad using the above approach with experimental values mea-
sured by various investigators and observed good agreement be-
tween the two values. Moreover, he pointed out that the calcu-
. lated waximm bending moment value is not‘ﬁery sensitive to
small variations in the assumed soil reaction distribution or
the undrained shear strength values,
5.1.2 Piles in Sand

When a free-headed, rigid pile is lcaded in the horizontal
direction, the pile will rotate as a unit. The soils in fromt
of the pile.ﬁear the suxfaéa will move upwards and those at
greatar depth will be demsified in the direction of pile move-
ments. For a rastrained pile, the member will translate hori-
zontally. In both cases, the sands along the back of the pile
will be loésencd as a zesult of thegse pile movements.

Based on load test raéults, Broms (1964b) suggested that
the horizohtal soil stress which davelops at lateral capacity
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Fig. 5.8  Soil Reaction and Bending Moment Distribution
- ' for a Flexible, Free-Headed Pile in Cohesive
Soil (Broms, 1964a)
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Fig. 5.9  Soil Reaction and Bending Moment Distribution
. for a Flexible, Restrained Pile (Intermediate
Length) in Cohesive Soil (Broms, 1964a)

Fig. 5.10 Soi1 React:f.on and Bending Moment Distribution
for a Flexible, Restrained Pile (Long Length)
in Cohesive Scil (Broms, 1964a)
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failure is approximately equal to three times the Rankine pas-
ine soll stress. The distributions of soil reactioms and pile
moments at the ultimate stage as ﬁropcsad by'Broms (1964b) are
shown in Figs. 5.12 and 5.13. By assuming the maximﬁm soil
reactions to be fully mobilized at the ultimate stage and ig-
noring the actifé soil stress acting along the back of the pilae,
Broms (1964b) developed a chart to estimate the ultimate later-
al capacities for rigid piles in sands and this is shown in

Fig. 5.14. Again, the char: applies qnly*when the maximm bhend-
ing moment in the pile is iless than the yield moment. The maxi-
mum moments at the ultimate states shown in Figs. 5.12 and 5.13
are given raspectively as:

Moy Pult (e + 0.55 /'Pult ) for free-headed pile (5.4)

M = 0.67 Poie L for restrained pile (5.3)
in which: 75 = submerged umit weight of soil

Kp = passive soil stress cdefficient

Using a similar logic as that for piles in clays, Broms
(1964b) proposed soil reactioms and pile mnmenﬁ'dis:ributicns
for flexible.members in sands and these are shown in Figs. 5.13,
5.16 and 5.17. Dimensionless solutions obtained by Broms
(1964b) for this category of laterally loaded piles are showm
in Fig. 5.18.

Compared wirh the measured values of ultimate lateral ca-
pacitiaes of pilés in sands reported by various investigators,
Broms (1964D) noted that the measured values generally exceed
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]

Fig. S5.12 Soil Reaction and Bending Moment Distribution
for Rigid, Frae—haadad Pile in Granular Soil
(Broms, 1964b)

st 3

Fig. 5.13 Soil Reaction and'Bending Moment Distribution
o for Rigid, Restrained Pile in Granular Soil
(Broms, 1964b)
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Fig. 5.15 Soil Reaction and Bending Moment Distribution
- for a Flexible, Free-Headed Pile in Granular
Soil (Broms, 1964b)
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Fig. 5.17
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Soil Reaction and Bending Moment Distribution
for a Flexible, Restrained Pile (Intermediate
Length) in Granular Soil (Broms, 1964b)
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Soil Reaction and Bending Maoment Distribution
for a Flexible, Restrained Pile {Long Langth)
in Gramular Scil (Broms, 1964b)
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the calculated values by approximately 50%. The use of a fac-
tor of 3 for the Rankine soil stress at failure conditions is
probably too comservative for the analysis.
5.2 Ultimate Capacity of Batter Piles

When large lateral loads are anticipated, it is common
practice to usa batter piles. Batter piles, sometimes called
-vaking or inclined piles, are piles that are drivem at an an-
gle from the vertical. Common pile battars range from 1 hori-

zontal : 12 vertical to 5 horizontal : 12 vertical (Bowles,

1977). It should be noted that installation of batter piles
is likely to be more expensive and, in fact, comstruction lim-
itations may sometimes prohibit the use of a large angle of
inclination. These conditions should be thoroughly checked in
the design phase.

One effective.waf of resisting lateral forces from aeither
direction is to have piles battered in opposite directioms as
shown in Fig. 5.19. As the system is loaded, ome pile will
be in tension and the other in compression. Both piles will
contribute resistance to lateral forces. This type of pile ar-
rangement is commonly used for dolphins.

Simple procedures for determination of capacities of bat-
£er piles are not firmly established because of the complexity
of this soil-structure intaraction problem., Very limited load
tests have been performed on batfer piles. Results on model
tasts couducted by Awad and Petrasovits (1368) to detcrﬂinn the
effects of pile inclination om load capacity are showm in Fig.
5.20. This can serve as a rough guide for estimation of load
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cﬁpacities of batter piles unmtil more up-to-date information is
available.

One major problem associated with the use of batter piles
in compressible soil layers.has.beén addressed by Broms (1976).
The author pointed out that settlement of soil layers, because
of self weight or surcharge load, may impose significant verti;
cal loads along the inclined piles and induce large bending mo-
ments that can cause the pile to fail, His idea is further de-
picted in Fig. 5.21. Beéause of this, batter piles should not
be used or the inclinatioﬁs should be kept very small in areas

where substantial settlements of the soil mass may occur,

5.3 Ultimate Capacity of Pile G:oups

The evaluation of the lateral load capacity of a pile
group is very complex. Lateral load tests performed om pile
groups are rare and they are mainly restricted to small grou@s
.of piles. No simpie method currently exists to deal wich chis
problem. Some general guidelines will be provided hare} they
should be used cautiously, with good judgment, I possible,
load tests should be performed to verify the computational re-
sults. |

If the piles behave as rigid members, it will probably be
reascnable to adopt.an approach similar to that for axial loads.
On this basis, the group lateral capacity is given as the small-
er of: _ |

| lj.zhn s of L&;e:al load gapaciries of individual piles;
2) thg'latafal load capacity of an equivalent single block
- defined by the exterior piles in the group.
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- Fig. 5.21  Bending of Batter Piles because of Soil
Setilement
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The former can be cobtained using procedures ocutlined in Sectiom
5.1 The latter will include the ultimate soil resistance in
front of the block plus the shear resistance acting along the
two sides and the base of the block (Fig. 5.22).

The failure mode of the soil in the fromt end of the block
(plane surface) will not be identical to that assumed for a
circular surfaca. Hawgver; it is likely that the soil resis-
tance acting on a plane surface will be higher than that act-
~ ing on a curved surface. Therefore, the use of ¢ (gndraiﬁed
casa) andIBKpEQ (drained case) as the ultimate soil reactioms,
as illustrated in Figs, 5.5, 5.6, 5.12 and 5.13, should give
an approximate and conservativé solution.

If the piles act as3fléxiblé members, the failure of the
system is caused by yielding of the pile material rather than
the soil. Ia such cases, block failure wiil be confined to |
the upper portion of the block located above the failure hin-
ges and the group capacity can be estimated by summation of
the lateral load cap#cities of individual members.

Davisson (1970) pcinted out that, under most circumstances,
piles behave as individuazl units if they are spaced more than -
8 diameters apart in the direction of the loading and at least
2 1/2 diameters apart in the pezpeﬁdicular direction,

5.4 Deflections of Vertical Piles -

The design of laterally loaded piles may very often be
governed by deflections rather than ultimate load capacity,
Pile deflections lead to lateral displacements and tilt of the

_ 3uppc:tad_structﬁ:es. This may lower the serviceability of the
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structure even though it may be 100% safe from a structural
standpoint. The allowable deflection that can be tolerated at
wozrking load depends upon the functicm of the structure. Al-
though large movements for docks or plers are not desirable,
the deflections car be relatively large for fender piles ox
temporary structures.

The evaluation of lateral deflections of horizomtally
loaded piles has been based on the subgrade reaction model.
This stems from a well-kﬁown elass of problems in structural
mechanics known as "beam on elastic foundation." The govern-

ing equation for this class of problems 1s given as:

g1 87 .. | |
EPIP pC pD | (5.6)
in which: Ep = modulus of elasticity of pile material
Ip = moment of inertia of cross-section of pile

'y = deflaction of pile

P = soil reactive stress
Theoratically, if the magnitude and variation of the reactive
stress are known, Equation 3.6 can be solved for deflection at
any point alomg the pile,

Using the above comcept, the soil reactioms in fromt of a
laterally loaded pile are simulated by a series of horizontal
elastic springs (Fig. 5.23). The stiffness of these springs
is representad by.thg horizontal subgrade reaction modulus,
Ky, ; 'the_ reactive horizontal stress at amy point along the pile
is related to the ameumt of .d»lflacﬁion at that same point.
Srﬁdiqs have shown that this relaticnship is nonlinear (Davissen
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Fig. 5.23 Subgrade Reaction Model for Laterally
Loaded Piles




131

and Prakash, 1963) and the_hbrizontal subgrade reaction modu-
lus for a given magnitude of deflectiom is giﬁen by the slope
of the p-y curve at that magnitude of deflection (Fig. 5.24).
The p-y curve for any pile~soil system is best derived from
full-scale pile load tests and a ﬁoﬁlinear analysis of the _
problem can be performed by iterative techniques with the help
of a computer,

As illustrated by the typical p-y curve shown in Fig. 5,26,
the initial portion of the curve can be linearized without sac-
rificing much accuracy. Under most circumstances, this is valid

- as long as the load is less than 1/2 to 1/3 of the ultimate
_load, i.e., umder most working load conditions. Assuming the
springs to behave in a linear and elastic manner, the reactive
horizontal stress at any depth along the pile cam be expressed

as:

P = -k.y ' (5.7)
- in which: kﬁ = horizontal subgrade reaction modulus

- The solution of Equatioms 5.6 and 5.7 requires a know-
ledge of the magnitude and variation of k, with dépth. These
can be inferrsd through load test results on instrumented piles.
A typical plot of'kh versus depth for overcomsolidated clays
is shown in Fig. 5.25. Granular soils and normally conscli-
dated cchesive soils, on the other hand, exhibit a variation
as shown in Fig. 5.26. For simplicity, a constant modulus is
often used for the case of wucmaudated élays and a lim-

esrly incraasing modulus with deapth is assumed for normally
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Horizontal Subgrade Modulus, Ky

1 —
{
l
|

N kh=constadﬁ
2 .
-l
o }
]
| : —— Actual
Y I

Fig. 5.25 Variation of with Depth for Qver-
consolidated Clay (after Davisson, 1970)

Horizontal Subgrade Modulus, K
:

\

\ khflinearly increasing

Pepth, =z

-
-5

Fig. 5.26 Variation of k. with Depth for Normally
' Consolidated Cfay and Granular Soil
{(after Davisson, 1970)
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consolid;tad cochesive soils and granular materials (Davisson,
1970). - |
Analytical closed-form solutions are readily available for
the two conditions described below. For the case of a limearly
increasing modulus, the stiffness of the "springs" is repre-

sented by a new constant parameter, oy, which is related to

kh by:

kh -, % | (5.8)
in which: n,, = coefficient of horizontal subgrade modulus
variation
z = depth below the ground surface
The two parameters, kh for constant modulus and o, for linear-
ly increasing modulus, as suggested by various investigators,
are shown in Tables 5.2 and 5.3.

By adopting the above concept, Broms (1964) developed
charts to give the deflaction of piles at ground surface under
working load conditions., The charts for the two cases whers
kh is constant with depth and is increasing linearly with depth
are shown in Figs. 5.27 and 5.28, respectively. The use of
these charts requires a knowledge of the dimensionless para-

meters, 8 and n, defined as:

3 = “/ED/RE TS (5.9)

n - VA TE T, " | (5.10)

In cases whars repeated loadings canm ococur, Davisson (1970)
suggested that k, (or o) be reducad to 30% of the value usad
for sustained loadings. He attributad this to degradation of
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Fig. 5.27 Lateral Deflection at Ground Surface -
: Subgrade Modulus Constant with Depth
(Broms, 1964a)

Fig. 5.28 ‘;até;alnbeflection at Ground Surface =
Sybgrade Modulus Increasing Linearly
with Depth (Brems, 1964b)
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-soil reactions caused by repeated 1cadings.

When the subgrade reaction model is applied to predict
group movements, a reduction in k (or.nh) should also be used,
as shown in Table 5.4.

5.5 Summary

The design of laterally loaded plles is one of the more
complicated aspects of pile foundations. Very few load tests
have been reported in the 1iteraﬁu:e. Most of the recent work
is based on computer techniques. Nevertheless, hand calcula-
tion methods can provide a rapid and rough estimata of the so-
lution.

It has been pointed out that the lateral capacity of the
pile-soil system may be 1imited by the strength of either the
piie or the soil. The_formar is a flexible pile.and the lat-
ter is a rigid.jile. A designer should understand the funda-
mental differences in behavior and applicéticn between these
two types of piles to achieve a proper design. The
degree of end restraint may also significantly influence the
lateral capacity of the system and therefore should be thor-
oughly examined. |

Battar piles are éaununnly used to resist large lateral
fordes. However, comstruction limitatioms or field conditions.
may very often prohibit the use of a large angle of inelina-
tion. The occurrence of any potential problem should be in-
vestigated in the dsesign phase. Guidelines are provided to
estimate the capacities of batter piles. These are based on

‘very limited model test results ahd should be used cautiously.
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[ Pile Spacing in the Effective K values ot
Direction. of Loading | Pile Groups

8D l 00 k

7D 0.85 ky

&D 0.70 Ky

SD 0.55 Ky,

a0 0.40 ¥y

ki 0.25 ¥y

Note Pile sgaczng normal to the dlrectlon of loading
: has no znfluence if it is greater than 2.5 D.

Table 5.4 Subgrade Reaction Medulus of Pile Groups
' (after Davisson, 1970)
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The best approach to analyze a laterally loaded pile group
is by pile load test. If this is not economidally feasible,
the approximate procedures outlined in Section 5.3 can probably
be used. |

Similar to piles umder compressive locads, plles subjected
to lateral'forces must also conform to daformation require-
ments, as well as ultimate capacity. The method présented here-
in to predict the amount of deflection upon application of
loads 1is based on the subgrade raactibn theory. Although this
theory has some inherent limitations (e.g., fails to recognize

the continuity of soils), it is widely used Iin practice and
can be adopted under working load conditions,

In situations where the lateral loads are significant and
batter piles cammot or should not be used, various methods sug-
gested by Broms (1976) can be employed to increase the lataral
resistance of vertical.piles. These.are shown in Fig. 5.29.
Most of these methods are intended to increase the stiffness

of the piles néar the ground surface.




16l

.

AN

. td
PSS | TN . M

rFardrd 4/ Fa
\nno on E j ~COLLAR
GRAVEL MLL

ta) ) {1 o)

] = M r A 4 A AL 4
P L
I.j L"=mLATER

Fig. 5.29 Methods to Increase the Lateral Resistance
of Vertical Piles (Broms, 1976)



CHAPTER 6

OTHER CONSIDERATIONS

In addition to the load carrying capacities, the design of
pile foundations often incorporates factors that form a major
portion of the design comsiderations. Some of the more common
of these will be described in this chapter, The degrse of imr_
porténce of these factors depends upon the foundations, the
site conditions and the applied loads. Other considerations
may also influence the design of pile foundations at a given
site; these have to be left to the iﬁgenuity of the designer
since it is impossible to discuss every possibility in this re-
port.

6.1 Scour Around Pile Foundations

Scour can be defined.as a procass which involves the ra-
moval of granular material on the sediment bed. It occurs
around any obstacle that obstructs the normal water-flow pat-
terns. This erosive action around pile foundations has always
been a concern for the design of coastal structures. The for-
wation of a scour pit (depression surrounding an obstruction) as
a result of this efosion reduces the lateral capacity of the
pile. Moreover, the umsupported length of the pile will in-
crease, thus reducing the frictiomal resistance of the pile
under axial.léadings. If not properly taken into account in
the design phase, this phenomencn may markedly reduce the life
of the.structure.

Seour may result from currents, waves, ship motion or rise

162
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of water level. The factors that are likely to control are cur-
rents and waves. Current and wave-induced scour are dominated
by parameters such as velocity of flow, wave charactaristics,
water depth, pile diameter and the geological history of the.
site. Scour that occurs as a result of rise of water level is
important at sites where large floods occur frequently, espe-
cially if'the rise occurs in a very short,period of timae.

Earlier methods to predict scour depth were largely based
on experience and a large number of parameters related to the
problem were ignored. Kuhn and Williams (1961) suggested the
scour depth to be the depth where there is a sudden increase in
penetration resistance. While this may be adequate to locate.
the depth of the loose deposit layer, the scour depth can have
a large deviation, depending upon the current velocity and the
dimensions qf the obstacles. Terzaghi and Peck (1967) proposed
the maximm scour depth for designm to be four times the amount
of water level rise anticipated. This proposal is impractical
in placesjwhara there is a large fluctuation (e.g., 8 £t) in
water level,. |

La:er_tnvaétigations on the problem were mainly conducted
in laboratory flumes. The primary objective of these investi-
gations is to establish criteria and guidelines by which de-
signers can assess thé depth of scour under certain given com-
ditions. Important factors are identified with varying degrees
of success. However, the results obtained are qualitative ra-
ther than gquantitative.

Palmer (1969) observed oscillatory ﬁave-indugad scour and
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developed a schematic view of the genmeral hydrodynamics in the
vicinity of an obstruction (Fig. 6.1). BHe considered the pat-
tern of secondary flow or turbulence to be a major factor in
the removal of granular material around an obstacle. He sug-
gested the main scouring force to be the primary vortex that
develops in fromt of the c¢ylinder.

Laursen (1962) studied the phenomenon of scour in a labora-
tory flume and demonstrated that there is an equilibrium or
limiting depth of scour for any given set of conditions. He
also pointed out that the depth of scour for a group of piles
does not depend upon the proximity of adjacent piles unless the
scour pits overlapped, in which case the depth of scour can be
estimated by the solution for comtraction of a river channel.
This will probably accelaerate the formation of scour pits. Sim-
ilar investigations by Palmer (1963) showed that the pit dia-
meter is proportiomal to the diameter of the pile, but is large-
ly independent of surge velocity. He further noted that scour
pits caused by inclined piles are of equal dimensions to tkose
caused by identical vertical piles.

Machemehl and Abad (1975) investigated scour phenomenon
caused by the combined effact of oscillatory waves and unidi-
rectional current around a.model éylind:ical pile foundatiom.
Théy studied the effects of current velocity, wave character-
istics and diametei of piles on extent of scour., They concluded
that:

.1) the inerease of water particle velocity adjacemt to

the pile is the main seouring wechanism,
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Wake Plume

Fig. 6.1 Mechanism of Scour (after Palmer, 1969)
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2) the addition of oscillatory waves in a unidirectiomal

flow £field increasaes the rate of scour development.

3) wa&es with long wavelength produce scour pits at a

faster rate as compared with that produced by waves
of short wave lanéth.

4) scour affect is directly proportional to the diameter

of the pile.

Since the severity of scour is very site-specific, the
best approach to estimate the scour pit dimensioms is to com-
sult professionals with local experiemce, If this is not pos-
sible, a large margin of safety should be used. Allowances for
this effect should be made in the selaction qf pile embedment
so that adequate penetrationm will remain after scoux.

6.2 Buckling of Fully and Partially Embedded Piles

I; is well known that only very short members can be
strassed to their yield point uﬁder compression; the usual sit-
uvation is that buckling, or sudden bending as a result of in-
stability, occurs prior toc development of full material strength
of the member. The buckling strength of a pile depends upon
the end conditions, the properties of the pile, and the amount
of horizental support.

Eériy'studies of the buckling of piles showed that the oc-
currence of buckling for fully embedded piles is a remote pos-
sibility, even in soft soils, Under most circumstances, mini-
mal horizomtal support will be able to prevent the piles frum
buckling under compressive forces. 3Bjerrum (1957) has shown
that buckling of fully embedded piles in a soil with a comstant
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modulus need be comsidered only in cases where:

I | o* :
ﬁg ma2 | - (6.1)

e D,

in which: I, = moment of inerﬁia_for weak axis bending

A = cross-sectional area of pile

C Opge ™ Yleld stress of pile material

kh = gubgrade reaction modulus

D = diameter of pile

Ep = modulus of elasticity of pile material
In general, the above restraint can be satisfied except for very
slender piles in soft soils.

Davisson (1963} présentéd theoretical solutions to evalu-
ate the buckling potential of fully embedded piles for various
boundary conditions shown in Fig. 6.2. These boundary condi-
tions represent idealized situatioms for design. For total
fixity at the top, the deck or cap must be rigidly attached to
the piles; for total fixity at the bottom, the soil must be a
firm material into which the piles are driven a considerable
depth. Whether or mot the ends can translate depends largely
upon the Stfuctural configuration. Horizontal stability can be
‘provided by diagonal bracing, shear walls, adjacent strucrurés,
pile caps, ete.. For mdst réal situations, the degreé of ro-
tational and translationmal restraints do not exist at these ex-
trames. prevar; analfsas.made.can provide bounding sclutions
for designe:s. 'An appropriste choice of end conditions is based
on the judgment of the designer.
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- For the case of constant subgrade reactiocn modulus with
depth, Davisson (1963) derived the following equation to esti-
mate the elastic pile buckling loads for fully embedded piles:

E I

Qe = U, -E—ER% ‘ N | 15.2)

in which: ch = critical buckling load
U, = dimensionless buckling parameter for fully em-
bedded piles in soils with comstant modulus

» .
Ro= BLTRD = ETLTE
The dimensionless parameter, Ucr. can be obtained from Fig., 6.3
and is a function of both the end conditions and the dimension-

less length parameter, % defined as:

nax’
Loy " F | (6.3)
in which: lméx = dimensionless length ﬁarameter for fully
embedded piles in soils with constant modulus
L = length of embedment of pile
It can be seem in Fig. 6.3 that the pile Boundary conditions
can have a strong influence on the eritical buckling load. The
lowest value of Qep Is associated with piles that have no fe— .
‘straint with both the upper and lower ends. |
With a linearly increasing'sqbgrade reaction modulus,
Davisson (1963) obtained the following equation'to compute the
critical buckling load for fully embedded pileé:

Qe * Yor EE;E | - 6.4)
'r R

in which: V. = dimensionless buckling parameter for fully em-
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Fig. 6.3

Buckling Load Versus Length for Constant
Modulus (Davisson, 1963)
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bedded piles in soils with linearly increasing

modulus
5 .
T By,
‘The dimensionless buckling load parameter, vcr’ is shown in Fig.
6.4 as a function of both the end conditions and the dimensicn-
less length parameter, Zpays defined as:
L
Zpax = T : (6.3)

iﬁ'which: Zpax ™ dimensionless length parameter for fully
embeddad plles in soils with linearly increas-
ing modulus
Partially emhedded piles that extend through water are com-
monly used for coastal structures such as docks and piers. The
buckling potential of these piles is larger than that of fully.
embedded piles. An approximate procedure to deal with this |
problem was developed by'Davisson and Robinson (1963). The buck-
ling load is estimated'thraugh'an ;ﬂalysié:cf an "equivalent"
system under which the pilé is assumed to be free~-standing with
a fixed base located at some distance below the ground surface.
The distaﬁce_fram the ground surface to the point of fixity is
directly ralated to the strength of the soil. The.lawer the
strength value, the deeper will be the point of fixity. This
concept is further il;ustrataﬁ in Fig. 6.5.
The'ériticﬁl buckling load for the “aquivalaar" system
shown in Fig. 6.5 can be computed from the following equations:
2%E I

w3E_1
Qr mLE? -7;;_2-:2 for free-head condition (6.6)
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Fig. 6.4 Buckling Load Versus Length for Linearly
Increasing Modulus with Depth (Davisson, 1963)
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Fig. 6.5 Point of Fixity Method
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2
Qor ™ ;T-%-IIIEF - ﬁ%ﬁa | §§§ djf.ggg-translating head (6.7)
in which:.Lu = length of unsupported portion of pile
Ls = equiva;ent length of embedded porticm of pile
Le = equivalent length of the pile
Therefore, the problem lies essentially in the datarninatian of

L.

Davisson and Robinson (1965) presented the solution in non-
dimensional form. In the case of a comstant modulus with depth,
Fig. 6.6 can be used to obtain Ls.' In the figure; JR and SR

are given respectively as:

L.

JR--R'% ' - (6.8)
LS

S " ¥ (6.9)

in which: J; = dimensionless parameter for umsupported portion
of piles in soils with comstant modulus
Sy = dimensionless parameter for embedded portion of
'piles in soils with comstant modulus
Once the equivalent length is known, the buckling load can be
estimated from Equations 6.6 and 6.7. |
In the case of a linearly increasing modulus with depth,

Fig. 6.7 can be used. The parameters in the plot are defined

as follows:

(6.10)

(6.11)

engionless parizmeter for unsupported portion
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of plles in soils with linearly increasing modu-
lus |
ST = dimensionless parameter for embedded portiom of
piles in soils with linea:ly increasing modulus
Again, the critieal buckling load can be estimated from Equa-
‘tions 6.6 and 6.7.

Although the method appears to be sound, the point of fix-
ity method does not have any theoretical justification and in
fact it violates the prineciples of equilibrium and compatibili-
ty. Nevartheiess, Davisson and Robinson (1963) stated that for
most practical purposes, the replacement of a pattially embed-
ded pile by an equivalent fixed base pile with no horizontal
support can be used as long as zmax is greater than 4 (soil mod-
ulus constant with depth) or Z 4g 1S greater than 4 (soil modu-
lus linearly increasing with depch). According to the iavesti-
gators, these requirements can be met under most practical situa-
tions.

8.3 Axial Capacity of Initially Bent Piles

Piles are often bent during driving, particularly when long
slender piles are driven into soils that comtain rock fragments.
This results in reduced capacity under compressive lcad from
that predicted for a concentric load on a straight pile. Fail-
ure of a bent pile under compressive load will occur when either
the maximum bénding stfass in the pile reaches the yield strength
cf the pile material or the maximum soil resaction rsaches the
yield strength of the soil surrounding che pile. The tolerance
level for this type of loading condition depends upon three fac-
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tors:

1) Qoil prapertiés

2) pile properties.

3) magnitude of applied load _

Mhthodé for estima:ing'the probable load capaéity of bent
piles have been propased by Johnson (1962) and Broms (1963).

The procedures as proposed,by Johnsan (1962) are rather tadious
without the accessibility of a bigh-speed ccmputer and will not
be described_here. However, his study revealed some of the more
important points with regard to axial capacity of bent piles

and thesa are stated as follows: |

1) the redncticn in capacity for bent endrbearlng piles

'. is greater than for bent friction piles |

2) a sharp bend is more datrimental than 'a long swesp.

3) the reduction in capacity is greater if the bent por-

tion of the pile is located in soft_adils.
The method as proposed by Broms (1963) is more suitable for
hand calculation and will be presented in this sectiom.

By expressing the deflactidn.cufve'of the pile as a series
of sine functions and assuming the soil to be an elastic Winkler
medium (soil reaCtion-at_any point along the pile bears a linear
relacion with its horizontal deflection at the same point), Broms
(1963) derived the following equation tc’estim;te'tﬁe'maximum
soil reaétion'aldng';he bent pile Under.compressi#e'loadings:

Pmax “¥0 @@ Tmax - | (6.12)

in which: p_,_ = maximum soil reaction along the deflected pile
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k, = subgrade reaction modulus
Q = applied compressive load
-ch = critical buckling load

Vpax = Daximm Borizontal deflection of pile
Values of suBgrada reaction modulus can be found in the chapter
on lateral leoadings and the estimation of the critical buckling
load is presentad in Section 6,2.

Broms (1963) notad that the lateral soil feactions cause&
by pile deflections reach their ultimate values at approximately
9c, for cohesive soils and three times the Rankine passive
stress for cohesionless soila. Thus, usinu a factor of safetf
of three, Brums .(1963) suggestad the follow1ng allowable soil

reaction values for design:

-pali = 3¢, for cohesive soils (6.13)
=g «3 Lftsin $ for cchesionlass soils (6.14)
Pa11 ™ vxﬁ vI-sing :

in which: P11 "™ allowable soil reaction stress

e = undrained shear st:éngth of soil

u

g, = effactive vertical stress

9 = effective angla of internal frictiom of soil
Kp = passive scll stress coefficient

Based on Broms's recommendations, the allowable axial load that
can be applied to a bent pile without overstressing the soil is
given as:

Q pallQ
khymax + Pall

(6.15)



179

in which: Qail = gllowable compressive load

Besides cvarstrésSing the soils, compressive loadings on
bent piles may also induce axial and bending stresses in the
pile that may well exceed the yield strength of the pile ma-
terial. Broms (1963) derived the following equation to compute

the meximum bending moment on a bent pile under an applied load

Q:

in which: M oax = maxigum bending moment in a pile
o B, = Young's modulus of pile material
IP. = moment of inertia of the cross-sectiom of pile
(ea - eb)max = maxizmum difference between inclination
- (in radians) of a pile between two
points a and b, which are AL apart
Therefore, the maximum stress (axial + bending) that occurs inm
the pile can be computed from:

P T~ S | - (6.17)
in which: O max = maximum stress in pile
A = cross-secticmal area of pile
YA = gection mn&qlﬁs of the cross-section of pile
This maximum stress should be less than the allowable stress
tha: can be imposed on the pile material.

6.4 Downdrag of Piles

When piles are embedded in soils that are undergoing set-

tlament, downdrag forces will be developed alomg the shaft as
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the soils move downwards relative to the pile. The skin fric-
tion develape& as a result of thiﬁ relative downward movement
| of the soil is called negative skin friction. As the term im-
plies, this skin frictiom will increase the magnitude of the
axial downward lecad om the pile and can have serious affects
on pile performance if not properly accountad for in design.
The magnitude of downdrag forces is a function of the rel-
ative dispiacement between the pile and the scil. For cohesive
soils, settlement takes place mainly because of comsclidatiom;
therafors the development of downdrag forces will be a time-
depen&ent process. Rigorous analysis to datarmine the inter-
relationship between downdrag and settlement is possible by
means of numerical mechods. Howaver, assuming sufficient rela-
tive settlement hds occurred to mobilize the ultimate shaft re-
sistance, the maximm downdrag force on a single isolated pile
can be estimatad from the falicwing equation: |

Qq = /5T, T Ddz (6.18)
in which: Q4 = maximm downdrag force
T, ™ maximum pile-soil adhesion per unit area
D = diamater of pile
L = length of embedment of pile
Bjerrum (1973) has stated that the drained shear st:ength.should
be used to evaluate the downdrag load. He showed that if the

rate of relative movement between the soil and the pila is neg-

ligible, t, in Equation 6.17 can be expressed as:

T, = Ko, tan ¢ | (6.19)
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in which: K = horizomtal stress ecoefficient

¢, = effective vertical stress

9 = affactive angle of internal fﬁiction of soils
Values of K and § for vafious types of clays as suggested by
Bjerrum (1973) are tabulated in Table 6.1,

It should be realized that Equation 6.18 is mot applicable
for batter piles. Based on model test results, Koe:ner and'_
Mukhopadhyay (1972) have measured substantially larger values
of negative skin friction for batter piles. For batter angles
commonlyéusad in practice, the authors reported values that are
twice th{t of vertical piles (Fig. 6.8).

Heg%tive skin friction cam also occur on piles installed
4n groups, but thé downdrag forces are likely to be less severe
. than that dalculated.for isolated single piles, Results of
model tests conducted by Koerner and Mukhopadhyay (1972) showed
that‘group effacts reduce downdrag loads., The investigators
'reported a sharp decresse in negative skin friction at a spac-

- ing df about 2.5 D onm 2 3X3 group. This reduction was observed
at all values of soil surface settlement (Fig. 6.9).

With a knowledge of the soil properties and the dimensions
of the pile, the downdrag forces cén be estimated and incorpor-
ated into the design. However, in cases where the allowable
loads have to be'redu;ed significantly to accoumt for this ef-
fect, applicatidn of methods to minimize the downdrag forces
may be more ecomomical.

Downdrag loads can often be effectively reduced by pra-
drilling through the soiis contributing to the downdrag, there-
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Type of Clay K )
RS N E——
silty - | 0.45 | 300
Low Plasticity 0;50 20°
Plastic | 0.55 | 1s°
High Plasticity 0.60 | 10°

Table 6,1 Values of K and & for Negative Skin
Friction (B jerrum, 1973)




183

' AVE. MESATIVE SuIN FICTION fout,)

L] 4 1 L

] i
m o o el " [0F 4 ]
PHE MATTEA ! wuvie t vork )

Fig., 6.8 [Effect of Pile Batter on Average Negative
Skin Friction (Koerner and Mukhopadhyay, 1972)
wp AMay
3> |
:;: LT Dty
2 o
: -
% ) B g
¥ T
ES Aﬁmaxfmaximum soil surface settlement
p—i e S
IPRCING /Bt TN RaTia  {&m)
Fig. Effect of Pile Group Spacing on Average

6.9

Negative Skin Friction (Koerner and
!ukhopadhyay, 1672)



184

by reducing the frictiomal drag of the settling soll on the
pile. Dawndrég ecould also.be theoretically eliminated by em-
closing the portion of the pile which exteﬁds through the set-
tling soil in a sleeve with a diameter larger than the pile.
This would separate the pile completely from the soil in the
zone contributing to the downdrag loads. However, the economic
feasibility of such a procedure is questionahle and such sleeves
- often hang up on the piles, thereby defeéting the purﬁose of
their use (AWPI, 1966).

Besides the two methods described above, surface coatings
have also been used to minimize negative skin friction. Koerner
and Mukhopadhyay (1972) demonstrated that asphalt coatings can
reduce the_amnunt of downdrag load transfer to the pile. They
indicated that the reduction will be larger if the asphalt coac-
ings are thicker and softer. Claessen and Horvat (1974) also
discovered significant reductions (by about ome-half) in down-
drag loads with the use of a slip layer (ébaut 0.375 inch or
10 mm thick) of bitumen ecoatings om a concrate pile,

6.5 Load Distribution in Pile Groups |

It has oftan been assumed that all piles in a group caxry
an equal share of load. As noted by Bowles (1977), this assump-
tion is valid only when the following conditions are mect:

1) the pile éap is in contact with the ground.

2) the piles are all vertical.

3) the load is applied at the center of the pile.

4) the pile group is symmetrical.

For free-standing pilae groups in clays, the load distribu-
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tion among piles has been sgtudied ﬂy Whitaker (1937) using
model tests, The investigator repdrted that for 3X3 groups
| with spacings of 2 D and 4 D, the ﬁiles at the cormers of the
group carry the largest proportion?of lecad while the center
plle carries the smallest proportign under working load condi-
tions However, as the pile group is loaded to its ultimate
_capaczty, the order of driving sta:ts to play a significant
role in distribution of load among piles The test results
indicated that piles that are drivén first carry the least
share of load while those driven last carry the largest share.
Whitaker further noted that at spacings of 8 D, under which
individual pile failure governs, :ﬂe load distribution among
piles is essentially umiform, i.e.; all piles carry an equal
share of load, regardless of position or order of driving. His
results are summarized im Fig, G.IQa and ﬁ.ldb. For 3X5 groups
at spacings of 2 D and 4 D, experiéental results showed that
the load distribution basically fgilcws that of 3X3 groups ex-
cept that the variation of load distribution is greater in this
case (Fig. 6.11). '

For'pile groups in sand, a ra#her extensive investigation
on load distribution using mndél tésts has been conducted by
Beredugo (1966).- The author identified four stages of loadings
at which the load dzstributlons are quite different ‘These
four stages are described as follo&s |

1) at 2 small percentage of the ultimate load, the_ldad

- distribution appears to be‘randcm |

2) as the load increases, load dzstr;butzan among piles
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is mainly governed by the driving order (piles‘that are
d:ivuﬁ last carry a graater share of the load),

3) at or near the ultimate load, load distribution is de-
termined by the position of the pile in the group with
the center pile carrying the greatest proportion of the
load and the corner piles carrying the least proportion.

4) for loading beyond failure, there will be a unifofm
distribution of load among thé piles.

Typical results of Beredugo's experimental investigation can

be seen in Fig. 6.12. He also noted that as the'spacings be-

tween piles increase, the load carried by each pile will temd
to equalize, a ¢case similar to ﬁhat of pile groﬁps in clay.

| Vesié (1969) has also perfﬁrmad a2 detailed study on load
distribution of pile groups in sands. The typical load dis-

tribution measured is shown im Fig. 6.13. According to the

figure, the center pile carries the greatest share of load and

the corner piles carry the least.

- 6.6 Pile Groups under Eccentric Loadings

Often it is necessary to consider the effects of ececentric
loadings on pile groups. This is common for piles used in
docks, piers, etc.. Rigorous analysis of this problem usually'
follows the procedures for three~dimensional strucrural analy-
sis with computer-aided solutions. However, for simpler com-
struction, the discussion belak will prdvide some general guide~-
lines to analyze the problem.

For pile groups in clays, Meyerhof (1963) carried ocuz mo-
dal tests on pile groups loaded eccentzically. Be reported that
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for eccentricities up to half the group width, the group capa-
city is not noticeably affected and can be evaluated using the
same procadures'as for centrallj applied axial loads. This is
explained by the fact that the reduced point rasistance because
of eccentric loading is offset by an increase in shaft resis-
tance on the side of the group. However, it was pointed ocut
that if the width of the group 1s equal to or greater than the
depth of penetration of the piles, the effects 6f horizontal
soil stress will be relaﬁivaly small and thus the shaft resis-
tance should be ignored with the point resistance calculated

in the same mamner as for a shallow foundation, In other words,
the piles in the tension region of the group are ignored and an
.equivalenﬁ group width is used.CFig. 6.14), given as:

- - ' ' ]
Bg Bg 2& . (6.20)
in which;: Bé = aquivalent group width
Bg = group width

g = ecéentricity of loading

The effects of eccentric loading on the bearing capacity of
pile groups in sand have been studied by Kishida and Meyerhof
(1965) uéing a series of model tests, Their results showed
that for small eccentricities, the Bearing capacity of the
group is not significantly affected, The induced moment is
resisted by the horizontal resistance on the side cf the group
wntil the maximum passive sail stress i1s reached, Within this
limit, a slight increase in tha ultimate czpacity of the group
over that of a centrally applied load 13 possible. Howaever,
beyond this limit, the difference has to be balanced by an ec-
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centfic point rasiétance or'uplift-resistance of piles, depend-
ing on whether.Black failure or individual pile failure gov-
~erms. This results in a decrease of group capacity with in-
ereasing eccentriczties
6.7 Summary o

In addition to tﬁé load carrying capécities requiremént,
the design of pile foundations must also take into account -
other factors that may signifzcantly influence the performance.
of~the foundations under loads. The consideratioms presented
in.thia_chaptgr are tjpical problems that are commonly encoun-
;gred in réal.situatians. Tﬁé;e.should be'studied_ca:efully
and incorporated intd.thg_dgsign..if appli;able.



CHAPTER 7
MATERTALS FOR PILES

A wida'variety of materials has been employed for construc-
tion of waterfront strucﬁu:es. At present, the materials used
for pilings are normally restricted to:

1) concrate |

2) steel

3) wood
Discussions in this chapter will he limited to.the'above ma?
terials. 'Thg performance of thése.ma:arials, as well as other
types of receﬁtly'davalaped'matarials, has been discussed by
Bubbell and Kulhawy (1979). WMo attempt will be made to repeat
this information; howaver, some of the more important points
relevant to piles will be discussed herein. The reader should
refer to Hubbell and Kulhawy (1979) for more detailed informa-
tiom. |

 The selectiom of material type for a given structure should
not be Based on winimm inirial total cost; factors such as de-
livery, installation, maintenance, replacement, durability and
protactive measures raquired th:oughnut'the design life of the
structure should also be taken into comsideratiom. For facili-
ties such as recreational playgrounds, aesthetics or public pre-
ference may also influence the choice of material type.

Although the material type will not greatly affect the com-
- putational design procedures for pile foundations, its determi-

naticn should not be made gfter the whole design process has

194
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been completed. Instead, different options should be constan:-
ly examined ‘throughout the analysis-design cycles to salact the
best material appropriate for a given project.

7.1 Matarial Dete;ia:aticn in the Coastal Environment

 Material dEtariOratian'hag_always been a major concern for
all types of coastal faéilities;- Many structures have been
rendered useless as a result of this process. Deterioration
oftan:is'expresSed in the form of reduced cross-sectional aiea.
If not prope?ly taken into account in the design phase, the
load-carrying capacities of the‘memﬁers may be significantly
reduced with subsequent failure of the structure.

Material deterioration izvolves an interaction between
the material and tha aggrassive camponents of the enviromment.
The rata at whlch this occurs is very szte-speciflc and it
varies with the locatlcn oE the material w1th respect o dlf-'
- farent environmental zones. Five zones can be identlfzgd in
the coastal regime: |

1) atmospheric

2)_splash:

5) submerged

4) erosion

5) embedded |
These are hest illustrated by a pile frée~standing in water,
as.shcwn in Fig, 7.1. While tﬁe deterioration in the atmospher-
~ie, submerged and Gmbadded zones is detstwined by the euviron-
giental comdicions, the dag:edatian processes in the splash and

erosion zones ats dominated by wave action and abrasive action
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of sea bed sediments, respectively. Each of these'zoneo has
its own characteristics with'regard to deterioration. Under
most oirounstanoes, the splash zone is likely to be the criti-
cal region that governs the design because high rates of de-
'terioration usually occur in this zome,
"._HAn understanding of the locai‘environment is essential to
study the nature and extent of neterial deterioration. A_oom-
tlete evaluation of the problem should include a study of the
__etnoephere, the watar and the soil, Atnospheric:attatk depends
lergely_npon olimatio.oonditions and the presence of airborme
destructive elements. A ocmpleteeanalysis of weter propetties
includes type (fresh or salt), oxygen content,.pH values, re-
'sistivity and bacterial counts. Soil factors that may influ-
ence material deterioration are type (sandy or clayey), loca-
:tion of ground water table mineral composition and the cor-
' rosiveness of the geseous phase of the soils. |

) Instead of the detailed analyses mentioned ebove the se-
vetity of deterioration can very often be estimated by a thor-
ough observation of any existing piles at the site. If meces-
sary, old piles can be pulieo'from the gronnd for this purpose.
7.2:Conorete- | N | |

' Plain comcrete is composed of wetet, fine aggregate, coarse

‘aggregate, cement &nd,.frequently, admixtures. When properly
ptoportioned'and thoroughly mixed these constituents will form
a plastio u2ss which can be cast ineo any predetermined shape
end s;ze, Upon 2 hydzztion rezotion hetweea the water gnd the
cament, the plastic mass will solidify and become hardensd cor-
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crete. |

Concrete is é material ﬁhat is strong in compreésion, but
weak in tengion. Because of this, concrete piies are often re4_
iﬁforced_with steel for bending and uplift, where significant
tensile stresses can be developed. In cases where the forma-
'tidn of cracks is strictly prohibited, prestressed concrete
piles can be used. | | | |

Concrate piles are felativély durable and can withsﬁand
4 harsh enviromment. They can carry heavy compressive lbads
and have long life. On the other hand, conéréte piles are sus-
ceptiblé ro cracking under tensile forces (e.g., uplift. frost
heave) and can be expensive. They require'timn for curing and
special.equipmsnt for'handling. Furtharmore,.a predetermined
length is almost ﬁecessary as cutting cf splicing is likely to
‘be expensive. | | | o

Concrete expased to air is subject to the weathering pro-
cesses of the atmospheré. They ﬁay rESulﬁ-ei:hér'from thermal
expansion/contraction caused by changes in'atmOspheric tempera-
tufe or chemical weathering caused by airborne destructive ele-
ments. Abrasive action by wind-carrying particles may also
cause damage to piles in the armospheric zome. In general, the
rate of deterioration under this environmental-condition is
minimal and does not require much attention. However, these
processes may lead to the formationm of small cracks on the sur-
face of the piles, Subsequently, watér.may penatrate through
these cracks and cause spalling and rusting of the reinforcing

bars.
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In'an extensive investigation of long-term behavior of
concrete structures in the marine enviromment, Browne and
_Domone (1974) discovered that disintegration of concrete piles
-is most severe in the splash zone a region that is constantly
suhjeoted to pounding of waves and abrasive action of floating
debris or ice. The investigators also reported no deteriora-
tion in the portion of the piles that is permanently submerged.
They attributed this to the lack of oxygen supply in the sub-
merged zone. | | o

In the erosion zone the severicy of attack by abrasive
action of the sea bed sediments depends upon the curreat ve-
‘locity and the.oharaoteristicS-of the sea.bed'sed;menrs. Dam-
| age may. be.appreciable in places where.current velooitv is
faat and particle abrasive actzon is strong.

The embedded portion of concrete piles is generally con-
sidered permanen:.. However, ‘this assumptzon may not be valio
when'the soils or groundwater oontain.destruotive"alkalis,
acids or sulphate salts that can cause damage to concrete, Ac-
cording to Chellis (1961), this effect is more pronounoed in

sandy soils than in clays Becauae large pore space permits rap-
id 1eaoh1ng and provides more air for deterioraticn to take
plaoe _ _ | | | .

In the atmospherio zZone, oonorete mav be_subjecred to dra-
matic changes in temperature T&e &urability'of concrete with
' ‘}.‘espect to tamparature changes is measured by the mmber of

=geze-thaw cycles required to prodnce EY speczfzed amount of
deterioration. Laboratory tests conducted by the PCA (1968)
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on concrete specimans have shown that high durability is ossoo-
iated with the use of air-entrainment and a low water—oement
ratio, as illustrated in Fig 7.2

Abrasion can be a serious problem_in the splash and ero-
sion zones where floating debris and shifting sea bed sediments
may cause rapid loss of material from the pile surface. Test
results provided by the PC& (1968) have indicated that the re-
sistance of concrete to abfasion is directly related to the 
'oompressiva strength of the material. 'Conofote'with low com-
pressive strength is found to be more vulnorabie to attack than
concrete with high compressive strength. Fig. 7.3 shows re-
sults of abrasion tests on concrete specimens with different
compressive strength. |

As the compressive strongth of comcrate is dependent upon
the water-cement ratio and the length of moist curing porio&
it is obvious that a low water-cement ratlo and 1ong curing
periocd will dovelop higher rasistanoe to abrasion.

Sulphate attack is also a major cause of concrete deteri-
orationt Concrete piles can he attacked vary rapidly by sul-
phates occurring naturally in soils and in sea water,

- The amount of sulphates in the soils can be measured by
the sulphate content of the grouﬁd_water. if the sulphates are
soluble; otherwise, chemical analyses of soil éamples can be
performed. When detarmining sulphate ooooantrations, seasonal
and topographic effects must be taken into oonsidera;ion.
Samples should be tretTieved aftar a long period of dry weather

to obtain the best reprasentative samples, The concentrations
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of sulphates and the relative degrée of attack are'described
by Hubbell and Kulhawy (1979).

Although sea water typically has a sulphate content of
about 230 parts ﬁer_lO0,000, the presence of sodium chloride
has an iphibiting or reﬁarding effact on its reaction with or-
dinary Portland cement (Tomlinson, 1977). Therefore, sulphata
attack in the submafged zone in sea water may not be a coucern
for design. | |

The problem of sulphate attack can be overcome by a préper
choice of cement type. In the.United States, information om
properties of various types of cement can be obtained fr&m the
Portland Cement Association. 1In cases where sulphate attack is
moderata, ASTM Type IT cement is recommended. When sulphata
action gets severe, ASTM Type V cement should be used. It
should be noted that these two types of'cgment gain strength
more slowly than Type I or normal cement and thus a longer
period of curing should be anticipated.

To some extent, all concrates are pé:meable to water,
This allows water to penetrate through the surface and leads
to ;ﬁbsequent corrosion of the steel reinforcement., In addi-
tion, entry of soluble sulphates iﬁto the pore space of the
concrete piles can cause disintegraticn.cf the member,

Permeability of concrete depends upon numerous factors in-
cluding wataer-cement ratio, air-entraimment, aggregate gréding
and period of curing. PCA (1268) indicated rhat the water-
tightness of the material depends principally on the water-

cement ratio used and the length of the moist curing period.
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Their test results on non-air-entrained mortar disc specimens
subjecte& to 20 psi (138 kN/m?) water pressure are shown in
Fig. 7.4. 1t can be seen‘ﬁhat watertightnesa increases with
‘increasing moist curing period and decreasing water-cement
ratio. PCA (1968) further noted that the permeability will de-
crease with addition of air—eﬁt;ainment and that honeycombs or
¢racks should be avoided to ensure a low ﬁorcsity.

7.3 Steel |

The term “steel” usually refers to carbon steel with the
following maximum content of elements other than iron: caz-
bon, 2.0%; wmanganese, 1.65%; copper, 0.6%; and'silicon, 0.6%

. (Hormbostel, 1978). -

The properties of steel are determined not only by the
chemical compositionm, but.they.are influenced to a great ex-
tent by the type of heat treatment and méchanical working dur-
- ing manufacturing.

Overall, stgei is a strong material that cam carry heavy
loads. Unlike-cancﬁete. it is strong in both tension and come
pression. Steel piles can be expensive; however, they have
great versatilicy. They can be driven £o great depth and
through hard materials. Furthermore, they are found to be
particularly useful in cases (e.g., ia sensitive claysj where
" small displacement piles must be used.

Frye (1970) examined the corrosion profile of steel pil-
ings in the off#hdrg apvironent. ?"Lg. 7.5 shows the Telative
loss in metal thickness of steel pilingmth five years saxpo-



204

or

1NN

Lo A

o N
13 7 e 28
Pariod of moist curing, doys
{See Preface for SI Conversions)

Fig. 7.4 Effect of Water-cement Ratio and Curing
' on Watertightness (PCa, 1968)



205

IONE 1 _
ATMOQSPHERIC : o . \
CORROSION . : .

- ZONE 2
SPLASH ZONE
ABQVE MIGH
TIDE

IONE 3
TIOAL

ZONE 4 . .
T CONTINUOQUS : _
SUBMERGED |

MUP_ LINE

- IONE 5
sSUB 501L

.025 85 - 075 0.1 0.125

RELATIVE LOSS IN METAL THICKNESS

Fig. 7.5 Typisal Cofrosion Profile of Steel Piling with
- Five Years Exposure in Sez Water (Frye, 1970)



206

sure in sea water on the North Carolima Coast. This is a typi-
cal corrosion profile for steel piles free-standing in water
subjected to attack by aggressive components in varicus corro-
sive zones. _

In the uppermost zZone where the steel surface is normally
dry, the matarial 1s subjected to atmospheric corrosion and the.
deterioration rate is not very significant, |

In the splash zome, the pile is under severs attack and
the loss in metal thickness is larger than anywhere else in the
pile. Similar to ccnérete piles, this is a eritical portion
which usually requires special att&ntion. Added thiclmess or
other preventive measures are abﬁost necessary in this region.

The corrosion rates in the tidal and submerged zonas are
minimal except in the upper area of the submerged region, Frye
(1970) attributed this to the difference in oxygen concentra-
tions between the alr in zoume 3 and the water in zone 4, re-
sulting in electrochemical corrosiom.

An ercsion zome along the mud-line was not identified.
This is probably because of the high sﬁrength of steel, which
provides strong resistance against abrasive action of the shift-
ing sea bed sediments.

In the embedded zome, Frye (1970) discovered that no seri-
ous deterioration had occutfed. This may not be true in gener-
al. According to Chellis (1961), the rate of corrosion of
stsel piles embadde& in soils may be significant, depending on
the ta;xmm @nd composition of the soils, depth of embedment

and moisture content. He Purcher pointed out that bacterial
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activitiec in the soils may ccuse corrosion of steel embedded
in the ground. )

A corrosion Study on steel piles'ccn&ucted by Romanoff
(1962) indicated that no appceciaﬁle corresion occurs in steel
piles driven into undisturbed natural soils, regardlcss of the
scil p:opertiec. The ctudy was.conductad.at a site with soil
types that ranged from well-drained sands to impervious clays,
- with soil resistivities that ranged from 300 ohm-cm to 50200
ohm-cm and soil pH which varied between 2.3 to 8.6. Romano ££
(1962) aﬁtributed the non-aggressive behavior to the lack of
'oxygen in wmdisturbed soils and concluded that properties of
soil will not affect the extent of corrosion of steel piles
driven in undisturbed soils. | |

. It is well known that ccrfosicn of metals ic largely alec-
trcchemical in nature and that the presence of oxygen in some
forms is necessary for this process to take place, Chellis
(1961) deccribed eiectrochcmical corrosion as "...the result
of a difference in potential Bctwecn two pcints.in a conductor
expoccd to an electrclyfe, with material moving from the cnode,
wﬁich in this case is the surface corroding, to the cathode,
or ncnccrrcding material Corrosion cells are formed on piles
between areas of different aeration., The steel surface plenti-
fully supplied with oxygen is cathodic with respect to the por-
tions of the pile less accessible tc'oxygen

Trye (1970} noted the following three requirements for
corrosion of metals to take place

1) there must be an anode and a cathode.
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2) there must be an electrical potential between the
anode and cathode. |

~ 3) there must be.an'electrolyte that is capable of com-

ducting electriﬁ current by iomnic f£flow.
Thus, elactrochemical corrosion can essentially occur umder all
types of envirommental comditions (air, water or soil) as long
as there is a nomumiform distribution of oxygen content and an
appropriate electrolyte. .

The damage may be either gemeral or localized depending
upon the relative gize of the anodic and cathodic areas for a
given difference in potential between the two areas. If the
anodic area is relatively large compared to the cathodic area,

- the corrTosion current will be small and the littie damages to
the anodic area can be distributed cver a large area, thus re-
sulting in wmiform corrosion. On the other hand, if the anodic
#raa is relatively small compared with the cathodic area, cor-
rosion will be localized and severs damages may result in the
form of pitting (Romanoff, 1962).

Cathodic protaction is often used as a remedy to curtail.
or eliminate electrochemical corrosion. This countermeasure
operates on the basic principles of electrochemical corrosion
dascribed ea:iiér.- Two methods of cathodic protaction are gen-
erally used: | . |

1) impressed-current

2) galvanic
Thesa two-méthads have been discussed by Hubbell and Rulhawy
(1979). | " |
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Aé'pointed out bf Frye (1970}, cathodic protection.is more
effective for corrosion in the submerged zome. There is little
reduction in corrosicn in the region above mean high water lev-
el, as shown in Fig. 7.6. Also, this method may not be applic-
able in fresh or pure waterz, which is a very weak electrolyte.

- .Paints and coatings are also used as an altarnative'cr
supplement to cathodic'ﬁrotactian. A stable cocating can Sérve
as a physical as well as a chemical barrier against corrosive
aﬁtack. Protection can be applied throughout the length of the
member o just in the portion of greatest corrosicn.-

Some of the more common types of coatings that are used by
the marine industry are summarized in Table 7.1. The choice of
- these coatings depends upon factors such as CPeters@n-and Soltz,
1975):

1) surface preparation possible-

2) environment

~ 3) material cost

4) weather condition at time of application

5) surface zbrasion expected during service life

6) lifa desired from the system

7) type of metal being coated

8) type of worker available for applying the coatings
The effectivenass of some of the coatings mentiomed abdve has
been deseribed by Hubbell and Kulhawy (1979). It should be
tealized that paintings or other types of coatings applied prior
to driving may not be totally reliable because portions of coat-

ings remyved by abrasion or handling may serve as areas cof at-
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L Ofi paints=—based on natural ofls from plants and fish:
& Eaxy o appiy. ' _
b. Redatively maxpensive.
& May taquire longer drying times,
4. Permexble and recomamuended only for mild atmasphere, =
Z Alkyd piity—resins obtained from the reaction of glycerin and phthalic nhydride:
L&nhhhkdmdrr(mmbiﬁndﬁdluﬂnimﬂ. oo '
. Mose corrosion-resinant than oif paines, but still not suitabie for chemical sarvics,
3. Emulsion or water-base prints—setin in & water wehicle:
a Littis odoe. ' _ ' '
b Eaty to appiy.
¢ Easy to clen up.
4. Urethane paincs=reaction of isocyanates with polyols:
1. Good ioughmess and abrasion resistanes.
5. Corrosion resistance may approach thac of vinyly and POKies.
3. Chivrinated rubber—natyrai mbber chiorinated: :
3. Dows not wet well
b. Drics quickly. : :
¢ Rasistant to witer 30d many inorgenics.
d. Temperaturs maximum—150°F.
& Mzy be painted for bettar protecticn,
& Viay! paints—poiymerization of compaounds conuining vinyl groups:
& More corrosioneresisiant than oil or alkyd-based paints.
b. Resiscant to a variety of 2queous acids and alkaline media
¢ Temperature maximum—150°F. '
d, Adherence and wetting czn ba poar. -
e. Adherence {ar the (Irst 24 h or so is suspect.
- 1. Epoxy paints—reaction of poiyphennls with epichiarohydsin: _
i Amine-hardened epoxy coatings (hardness and resin—~mast resistant to chemicals),
b Polysmide-hardened epaxy is less resistant to acids bur is tougher and more
meistuteproal. _ : '
. & Epoxyeester less corrosion-resistant but easiet to apply.
4. Coxl tar-epoxy has good resistance 10 water, soil, and inorganic acids.
8. Silicsme prints-high-temperature service (with modification up to L200°F):
- & Not very gond ag2inst chemicals. .
b Are water-tepeilent,
9. Caal tars-applied hot: usad especially in underground 2pplications
0. Zine paint-metailic zine dust in an organic or inorganic vehicle:
2. Used in gaivanic protection by the zine to prevenc pittimg at haies in the coating.
. & Effective in seutral and slighely zikaline solutions.
& Organic 2ine paint requices leys surfice preparation ind is easier to topenat than
inarganic counterpare is. o
d. inorganic is mare heat-resistant, however,

Table 7.1 'Paints_'and Coatings (Petersen and Soltz, 197%5)
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tack by various corrosive agents.

In the splash zone vwhare the deterioration of steel is most
severe, concrete encasements are commouly used. To be effactive,
the concrete has to be durable and waterﬁightg The jackat
should be of adequate thickness and length. Chellis (1961) sug-
gested such encasements to be at leasﬁ 2 feet (0.61 m) below
mean low water and 3 feet (0.91 m) above mean high water lavels.
- Besides the splash zone, encasements can also be ﬁsed through
water for protection. Iﬁ ﬁhis case, Chellis- (1961l) recommended
a peﬁatration of encasement of at least 4 feet (1,22 m) into the
soil. With regard to the thickness of the encasements, Watkins
(1969) suggested.a'minimum of 4 inches (102 mm) to he used under
: normal corresive conditions.

7.4 Wood _

Wood is one of the oldest comstruction materials, It is a
bioclogical compound of trees and is composed of apﬁroximately
49% carbaen, &41.oxygen, 6% hydrogen and 1% ash (Brady and
Clauser, 1977).

. Compared with steel and concrete, wood has a higher strength
to weight rartio. In additiom, its high enmergy-absorbing capa-
bilities hzs made it an excellent ﬁaﬁeriél for use in fendering
devices. | |

Timber piles are cut from tree trunks. They are relatively

cheap and easy to handle. Moreover, they are readily available
in most areas and can be cut £o any desired lemgth with little
difficulries. However, in projects where long piles are re-
quired, it may be difficult to obtain such piles and splicing
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is a necessity

Beceuse of different grcwth conditiens wood exhibite a
wide range of properties. The characteristics and applications
of various species ef'weo& can be found in Chellis (1961) ox
U.S. Forest Product Laboratory (1974).

Decay; insects and marine Borers are the primary causes of
wood deterioration. These have been adequately discussed by
Bubbell and Kulhawy (13%79) and, therefore, only'e brief descrip- |
tion wili be provided herein. The reader should refer to
Hubball and Kulhemy's work for more detailed information om
these aspects as well ee their appropriate treatment pfecedures.

| Decay is cahsed.by fuegi which aﬁe microscopic plants that
obtain their food supply from organic materials These micro-
organisms requ;re food, moisture, oxygen and a favorable temper-
ature to survive. Deprival of any of these essential elements
will deter or eliminate the decay of wood.

. The foodﬁsupely.fof the decay-producing fungi is the cellu-
lose and ligniﬁ of the wood. Therefore, it is possible to poi-
son the mateiial with some form of preservatives to curtail the
growth of fungi. | |

Wood that is exposed to the'atmosphere is norﬁeily too dry

to support fungus growth and wood that is permenently submerged
under water is too high in mnmsture centent to promote decay.
The moisture content for fungus growth should be greater than
207, but less than the fiber sa:uration point CHubbell and
Kulhawy, 1979).

Fungus growth requires sufficient oxygen from the_eir. ‘Fof



214

piles embedded in clays, this will be limited to within a few
feat beicw the ground surface. However, for piles_embedded in
sands.whera alr circulation is likely to be better, it is pos-
sible that decay can oceur to a great.depth;. |

Témperatu:e will also affect fungus growth. Decéy will be
slow when the temperature is below 50°F (10°C) or above 90°F
(32°C) and it will essentially sto§ when teﬁpefature drops be-
lcw.32°F (0°C) or rises above 100°F (38°C) (U.S. Forest Product
Laboratory, 1974). - a

. In general, fungus damége is caused by thé fdllowing three

major £actors (U.S. Forest Product Labaratory, 1974):

1) lack of .appropriate protective methods when storing

logs or bolts.

2) improper seasoming or handling cf.the woed after.starage.

3) failure td take simple precautions in using the fin&i'

| product. - | _‘ 

Insects are snother major form of #ﬁtack for timber piles,
Amoﬁg them, cermitas cause the most destructive damage to wood.
. Termites can be classified into two types according to their

habitations: | |

1) subterranean termites

2) nonsubterranean termites
The distribution of these two Eypeé of térmites in chg'United
States is shown ip Fig. 7.7. The subterrsnean termites are
ground-inhabiting and build their tutmels through earth to
Teach their food supply. Thay cause the most ssvere insect
damage to wood in the Unitad Statas, particularly in the south-
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ern part. The nonsubterranean termites enter the wood from the
ground and are wood-inhabiting. They are found only in the
southern part of the United States.

Marine borers h;ve also caused severe damage to waterfromt
structures. They are inhaBitants of salt or brackish waters and
can be found throughout the world. They can attack suscepﬁible
- wood very rapidly. Major species of maripme borers and appro-
priate protection methods are discussed by Hubbell and Kulhawy
(1979) and will not be repeaﬁed here.

7.5 Summary -

Three commonly used materials (concrete, steel and wood)
for piles have been discussed. Each of_these materials has its
advantages and disad@antage# for a given project. The fac-
tors that determine the final choice of material ﬁype have been
outlined at the beginning of the chapter. . They should be exam-
ined carefuily,'and the-relative importance between various fac-
tors should be noted.

Piles used in the coastal enviromment are often subject to
nonuniform deterioration, In the general case, five envirom-
mental zomes can be identified. These are described in the
chapter. Under most circumstances; the splash zone is of major
coucern since high rates of deteriorétion usually 6ccur in this
region. _

Cancreﬁa is a durable material and can withsta;d'a harsh
environmment. However, the formarion of cracks is very comiwen
because of the weak tensile capacity of the material. The dura-

bility of concrete with respect to the freeze-thaw process is
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directly related to the water-cement ratio and the use of air-
antrainment. The abrasive resistance of cdncrete is proportiomn-
‘al to thg compressive strength of the material. Sulphate attack
can be a serious problem and can be overcome by a proper choice
of cement type.  High pérmgability concréte is undesirable and
p;oper'precautions should be used.

Steel is a material that is Qtrong in both ténsipn and com-
prassion. Steel plles can be éxpensive; however, they are adapt-
able.ta ﬁany types of conditions and requirements. It was
noted that corrosion of steel piles in wndisturbed natural
soils is negligible and rarely needs consideratiom. Corrosion
of steel is an electrochemical process, which can take place in
all types of emnvirommental conditions, Cathodic protection and/
or protective coatings are often used as remedies to retard the
corrosion of the material. |

Wood is a biological compound of trees. It has a high
strength to weighﬁ ratio énd'is proven to be an excellent mater-
“ial for_fen&er piles becausa of its high enmergy-absorbing capa-
bilities. Deterioration of wood is principally caused by deeay,
'insecté_aﬁd marine borers. These various forms of attack cén be

avoided with appropriate preventive measures and treatment pro-
cedures.



CHAPTER 3

INSTALLATION OF PILES

The operation of driving piles into the ground is a com-
plicated construction procsss that requires skills and experi—
‘ence. Supervision by an experienced person is necessary for
all pile-d:iviﬁg jobs. The apﬁropriaté degree of supervision
depends upon the nature of the project, the variability of the
ground conditions and any antidipated installation proﬁléms.
During the driving operation, any peculiar conditions should be
noted and the driving history should be properly recordad for
future references. |

The method of installation of a pile can influence its be-
havior under loads significamely. It ﬁay also determine the de-
grae of disturbance on the soil propertiés and adjacent struc-
tures. Thus, the installation operatiouns should be carefully
examined in the design phase, The persons wﬁo are responéible
for designing the pile foundations should have a sound under-
standing of the construction procedures and limitations in the
field. |

Piles may be installed by driving with hammers through im-
pact or vibratiom, or by jetting, augering or other methods that
are capable of driving the piles down to the required penetra-
tion without damaging the piles or nearby structures.

In this chaptar, some of these installation methods will be
described. The effect of time on pile ¢capacity because of in-

stallation loads will also ba discuxsad.

218
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8.1 Pile Handling

Conerete pilas are probably the most difficult to handle
among the three materials considered. The low temsile capacity
of concrete often leads to the formatiom of cracks because of
bending momenﬁ induced by the dead weight of the member during
lifting. This is highly undesirable, especially for piles that
are used in a corrosive coastal emvirorment, Theréfore, in han-
dling these éiles, great Care.must-be exercised during pickup.
Long piles should be pickad up at several points to reduce the
unsupported lengths. The maximm bending moment induced for
various points of pickup is shown in Fig. 8.1. The bending
strasses developed from lifting should be ‘accounted for in the
design phase and the correspondlng pickup points should be
clearly marked.

Although the handling of stdel and timber piles does not
require special attention, the mémbers should be lifted as care-
fuliy as possible, especially for piles that have been treated
su:fi;ially to deter material deterioration, Removal of pro- |
tective coatings as a result of negligence in handling can very
possibly lead to future problems of corrosion.

8 2 Pile—Driv1ng Rigs

The driving rig is ome of the most important pieces of
- equipment for pile installation, and a wide varlety of these
'rigs is available. The range in dimensions and capabilities of
the equipment is too wide to be fully described in this sectiom.
Detailed informationm can be obtained from manufacturer's litara-

ture.
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Fig. 8.1 . Location of Pickup Points for Precast Piles,
: with the Indicated Resulting Bending Moments
(Bowles, 1977) '
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A typical driving rig ig shown in Fig. 8.2. The most es-
sential ccmpcnent of a driving rig is the leads, which are con;
' mected to the boom and serve as tracks for the hammer during the
driving operation. They are made of stiff members of solid,
chaﬁnel, box or tubula:.section and stiffened by trussing
(Tomlinson, 1977). Tha 1eads are attached to the crane by the.
spreader, which is adjustable in length to permit driving of
batter piles.

The pile is located under the hamﬁgr within the leads,
Lateral support is provided by sliding guidas placed in the
1eads_ét the mid-point or quarter-points'of the pile (Sowers,
1979). When it is necessary to drive piles below the base of
the crane, extension leads can be bolted to the bottom of the
main lead (Tomlinmsom, 1977). |

' Prefabricated leads commonly in use can be separated into
two categoriss (Humec, 1979): |

1) fixed le;&s which are rigidly attachéd to the tip of
the boom. | _

2) hanging (or swinging) leads which are not attached to
the boom but are suspended by a cable from the boom
tip. |

Flxed leads can align a pile more rapidly and are preferfed in
casas where a large number of vartical piles aré to be driven.
On the other hand, hanging leads are found to be more efficient
for batter piles and hard-to-reach areas (Mumt, 1979).
8.3 Driving Hammers |

Piles ére commonly driven into the ground by harmaers. These

L
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(DFI, 1979)

Fig. 8.2 Typical Driving Rig
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' hammers are heavy rams that derive their energy either by free
£all or through scme form of external excitation. The energy
is usually transmitted thfough a:pile helmet (also called pile
cap) and a pile cushion resting on top of the pile, as illusﬁra—
ted in Fig. 8.3. _

Many types of hammers are used in praéticé. The final de-
termination of the hammer to be uSed.in a pile-driving job de-
pends ﬁpcn the size a@d type of piles, the number of piles, the
characteristics of the soil, the location of the project, the
topography of the site, the type of rig available, etc.
(Peurifoy, 1979).

' The merits and limitations of some of the major typeé of
hammers are dascribed below, The materials are essentially ex-
tracted from Gilbert (1370) and Peurifoy (1879), ﬁnless other-'
wise stated. '

8.3.1 Drop Hammer

A drop hammer operates on.the.simple mechanical principles
in which the ram is raised by a rope, released and then allowed
to fall freely on to the pile (Fig. 8.4a). The weight of a
typical drop hammer ramges from 500 to 3000 lbs (2225 to 13350
N), while the height of £all normally varies between 5 to 20 ft
(1.52 to 6.10 m).

Drop hammers are cheap, simple and easy to operate. How-
ever, it has an extremely slow blow count of 1 to &4 per minute,
and therafore is'uﬁeconcmidgl'tn use 4xcept at remote sites

| where tha_é@liﬁﬁry of hezvy driving equipmemt is difficult. Oume

potential problem in using a drop hsiher is overstressing and
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Fig. 8.3

Pile Driving Operation (VesiZ&, 1977)
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Fig. 8.4 Driving Hammers (Vesi&, 1977)
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damaging the piles by lifting the hammer too high.
8.3.2 Sing;e-Acting_Hammer

A single-acting hammer is the simplest powered hammer.
The ram is lifted by steam or compressed air and is allowed to
drop freely by the pull of gravity (Fig. 8.4b). The energy is
derived from a limited fall (2 to 3 faset or 600 to 900 mm
(Sowers, 1979)), and thus the impact velocity is low. This type
of hammer may strike 50 to 70 blows per minute,

As compared with a droﬁ hammer, the single-acting harmer
can deliver a greater number of blows per minute and requires a
- shorter driving time. Moreover, with the higher frequency of
impact, the shaft resistance is reduced, permitting easier pene-
tration in subsequent driving. On the other hand, this type of
hammer {s more complicated and requires higher capital invest-
- ment and maintenance costs. :
This type of hammer can operats in all soils conditions,

but is most effective in driving piles through stiff clays.
8.3.3 Double-Acting Hammer

- Double-acting hammers operate on the same principle as .
single-acting hammers, except that during the downward stroke,
steam or compressed air is applied at the top to accelerats the
Tam in its downward stroke (Fig. 8.4c). It delivers from 90 to
150 blows per minuta. o

As comparad with single-acting hammers, double-acting ham-
mers deliver a grsatar mumber of blows per minute and therefore
require shorter driving time. Ore of the main disadvancages of
this type of hanmar is the vibration that may result from the
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'relatively.light weight and high velocity of the ram, There-
fore, the ﬁse of doubla-acting hammers should be avoided in
driving heavy piies through soils that have high fri¢tional_re-
sistance, especially if there are many adjacent structures a-
round the site. |

Overall, the hammer performs best in sandy soils, but alsé
perform# well in both sands and clays.
8.3.4 Diesel Harmer B

A diesel hammer i3 a self-contained unit that does not re-
quire the use of an extermal source of energy. The complete |
unit consists of a cylinder, ram, anvil block and simple fuel
injection system (Fig. 8.4d). It is basically a one cylinder,
two-cycle diesel engine in which the piston acts as the ram of
 the hammer. The range of blows is 48 to 105 per minute, with
ram weights from 1000 to 3855 1lbs (4450 to 17155 N).

Since a diesel hammer requires no external source of energy,
it is highly mobile and proves to be desirable tc operate at re-
mote sites. Furthermore, the hammer is light in weight and has
low fuel consumptiom. - it can function in cold weather where it
may be difficult to use steam. The major drawback of this type
of hammer is that it is not suitable for use in soft ground be-
cause sufficient driving resistance is necessary to activate the
ran. In ad&ition-it is difficult to determine theltmpact energy
per hammer bHlow because it varies with the pile'resistancé;

8.4 Vibratory Pile Drivers

Vibratory drivers are operated by a pair of counter-rotating -

‘eccentric weights (Fig. 8.5). The horizontal impulsaes from



- 228

Sigtic
Waight

(AN

Oscifiatar B

Pﬂ\

Fig. 8.5 Vibratory Pile Drivers (Vesi€, 1977)
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these weights will cancel ome another, but the vertical impulses
will reinforce each othar to produce a pulsating load om the
pile at a rate of 16 to 24 cycles per second (Gilbert, 1970).

The driving of'pile§ iﬁto the ground is accamplishéd by vi-.
brations that loosen the soil in the vicinitj of the pile to be--
have as a viscous fluid. These drivers are most effective for
pliles driven into saturated sands. Fair results are obtained
for silty and clayey soils. Driving in stiff clays or soils .
with boulders with vibratory drivers is not possible at present
(Bowles, 1977). |

_Thére are at least three major advantages of vibratery
drivers (Bowles, 1977): | |

~ 1) less vibrations as compared with impact hammers

2) lower noise level -

3) greater speed of penetration
8.5 Jetting |

- Jetting is often used to facilitate driving operaticus

- through hard strata. This is performed by applying a2 high preé-
sure stream of water (air has also been used) to cause displace-
ment and agitation of the sbil particles, The process may be
applied before driving starts or it can be employed simultane-
cusly as d:iving@pfocaeds. In the latter case, cwo'jeﬁs should
be attached to the pile point on opposite sides to avoid drift-
ing of the pile in one direction (Fig. 8.6),

Jet pipes cammnnly used vary in siéa from 2 £o 4 inches
(51 to 102 mm) in dismeter, dependimg upom the volume of dis-
charge required. The nozzle dlmmeter ranges from 3 to 1} inch
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Fig. 8.6 Jetting of Piles by Water Pipes:
‘(after AWPI, 1968)
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(13 to 38 mm)}. Water pressure is.normally maintained Eetween
100 to 300 psi (690 to 2070 kN/m?) (Peurifoy, 1979).

' The method is usually applied to sands; however, good re-
sults have also been reporﬁed in silty sands and in fine grav-
els (AWPI, 1966).

Care must be exerqise& to avoid disturbance b§ the water
. Jet to previously driven piies. The zomne of influence usually
extends to 2% orls feet (0.76 to 0.91 m) away from the pile,
which is smaller than the normal spacings commonly used-fﬁr
pile groups (AWPI, 1966). It should also be noted that jetting
should be avoided when the pile is driven close to its final
position; otherwise, the point resistances may be reduced by

the water jet actiom,

8.6 Preéugeringi

" When a stiff stratum is encountered at an upper level, pre-
augering 1s sometimes used to drill through it so the piles can
be driven much easier down to a bearing stratum, For many pro-
jects, this is cheaper and faster than.tryihg to drive the piles
through the upper firm material. |

' 8.?'Efféct of Time on Pile Capacity

Most of the studies on time effects deal only with piles
"~ driven in clays. For sands where drained comnditions normally
govern, the effact of time on.pile capacity is negLigihle and
rarely needs cousideration.
It is well known that_driﬁing of piles into normally con-
solidated and lightly overconsolidated clays (contracrive soils)

getlerates axcess pors water streésses in the soils. These pors
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- stresses will dissipate with timg and the clay undergoes con-
solidation. During the process of consolidation, the sdils:ad-
jacent to the piles.will‘experience an increase in strength,
This increase in strength with time, as caused by dissipation
of positive pore water straesses, has been confirmed éxperimen-
tally by Seed and Reese (1957) and is shown in Fig, 8.7. On
the other hand, when pilés are driven into heavily overconsoli-
datad clays (dilative soils), negative pore water stresses will
be induced. As these negative stresses dissipate with time,
the clays will experience a reduction in strength and the pile
‘capacity will decrease. '

The rate bﬁ consolidation depends upon the properties of
the soils and the dimensions of the piles. It has also been
found that for normally comsolidated or lightly overconsolidated
clays, the gain in load capacity is more rapid for concrete or
timber piles than for steel piles. Depending upon these vari-
ables, the maximm capacity can be reached in several weeks to
several months, This phenocmenon is often referred to as "set-
up.”

Soderberg (1962) attributed this set-up phencmenon for
piles in contractive clays to radial dissipation of pore water
gtresses initiated by pile-driving. He indicatad that the time
required to attain the maximum pile capacity is proporticnal to
the square of the diameter of the pile and inversely proportion-
al to the horizontal coefficient of consolidation. This implies
that the horizomtal dimension of the pile is more significant

than the properties of the soils in tha deteimination of the
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time effect. Soderberg's (1962) work is based on the following

assumptions:

1) vertical flow is assumed to be negligible as coupared
- with horizomtal flow.

_2) the horizantal coefficlent of comsclidation is not

altered by pile-driving.

Vesig t1977) further demonstrataed that piles.driven in a
group have a much slower gain in.capacity than individual pilés.
as illustrated in Fig. 8.8. This point should be remembered for
interpretation of time effects on grouplcapaciﬁy.

8.8 Summaxy

The metﬁod-of installation can have a strong influence on
the behavior of piles under leads. The pile capacities may be
significantly raduced because of faulty comstruction skills and
techniques. All pile-driving operations should be supervised
by_én experienced person. A proper driving record should be

kept and"any peculiar conditions should be noted.
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CHAPTER 9

SUMMARY AND CONCLUSIONS

The design of pile foundations depends upon many paﬁa-
meters. Iﬁ is impossible to cover all types of conditions that
may be encountered in actual practice. No set of simple stan-
dard rules or procedures is available to deal with all the situ-
ations that can influence # pile foundation. Therefore, the
designer must understand the design objectives, the design me-
thodologies and the site eonditions to develop a propef design.

The determination of the magnitude of loads, the design
mgthodolcgiés for various forms of loadings, material evalua-
tion and the comstruction procedures have all been described in
various chapters throughout this report. Although these aspects
are presented in separate sectious, they are not to be treated
separately; rather, the different factors should be examined
together and the interaction among them should be identified.

Five forms of loadings (waves, currents, ice, earthquakes
and ship impact) have heen discussed in Chapter 2. They repreQ
sent.the most common loading conditioms for piles used in the
coastal regime. The evaluation of wave forces is largely based
on Mbrisdn’s eéuation,-which assumes the total force to be com-
posed of an inertial and a drag compoment. Forces resulting
from currents are similar to those for wave-aSsociated £flows
and can be superimposed on the wave forces, if applicable. Ice
loads can be a dominant factor in cold regious. Drifting ice

aay cause significant impact forces, and ice grip onr piles can
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- pose large uplift loads on- the member upon a sudden rise of
water level. Loadings from earthuakes are complex and may in-
duce large lateral forces on 2 structure. Rigorous treatment
of the problem requirés a dynamic analysis; nevertheless, simr:
plified design procedures uﬁing a pseudo-static analysis can be
- used to approximate the behavicr of the system under earthquake
excitation forcas; Design for ship impact forces is important
for fender piles. The magnitude of these forcas depends largely
upon the enerngabsorbing capabilities of the'system.

Various conventional methods to predict compressive load
capacity of piles are presented in Chapter 3. These are based.
largely on theory and empiricism with the empirical factars of-
ten back-calculated from load test results. For pile groups,
the compressive capacity can be determined either by empirical
afficiency formulae or by Terzaghi and Peck's'approach. The
latter seems to be more reasonable and should be used for final
computation of ultimate group capacitj. Settlement is often a
‘minor consideration for coastal structures. Under mest circum-
stances, costly solutions to reduce settlement are not justified.

" The methods.to evaluate the ultimate uplift load capa;iﬁy
of pile foundatibns basically follow those adopted for compres-
sive loads. However, the point resistance does not exist and.
the net weight of the piles may be significant in computation
of the ultimate load capacity. _ .

' The design of laterally loaded piles is one of the more
‘difficulr areas of desp foutdations.  Recently developed pro- |
cedures are largely basad on computer-aided tar;hmqm The
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ﬁsthada proposed by Broms are suitable for rapid hand calcula-
tions and are outlined in Chapter 5. The failure mode of the
ﬁoil in frout of the pile is assumed to be two-dimensional and
the resistance provided by the soil is obtained from empirical
data. The estimation of the deflection of piles under lateral
loads is discussed in Sectiom 5.4 and is based on the subgrade
reaction model. | '

In addition to the requirement of load capacities, the de-
sign of pile foundations often incorporates other comsiderations
that may strongly influence the performance of the foundations
undar loads. Some of the major problems such as scour, down-

- drag, etc.,'are-highlighted in ChaPtér 6. They are not by all
means exclusive, but they do represent the problems that are-
commonly encounterad in practical situatioms.

The choice of material type for piles is discussed in Chap-
ter 7. Each of the three commonly used materials (ccnc:eté,
steel and wood) has its own advantages and disadvantages. Al-
though the choice of material type will not greatly affect the
computational design pibcedures, the determination should not
be made after the design process is completed; instead, dif-
farent possibilities should be reviewed throughout the analysis-
design cyele. _ ' '_

The methods of installation, as described in Chapter 8, can
have a marked influence on the actual perf@rﬁance of the pile
foundations. Very often, construction limitations may prohibit
the impletientation of a certain design.  Therefore, a designer

should have considerable field experience before a good design
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¢an be achisved.

| Although the discussions presented herein cover a relative-
ly wide range of topics, they are not by all means exhaustive.
Good judgment mﬁst be exercised and evéry.factor that can in-
fluence the results:should'be identified. Also, every design
methodology has its own inherent assumptions and it is iﬁpera-
tive that the designer has a sound understanding of any limi-
tatians involved in employing certain procedures for dasign.

The ultimate.goal of all design is to achieve an optimm
solution to propefly defined objectives. On one hand, under- -

design will lead ta premature failure of the strxructure and on
| the other, overdesign can pose umnecessary financial hardship
' on the client. Both of these extremes should be avoided. The
more complex the design, the more difficult it is to achieve
the optimm sclutionm.

Finally, it should be realized that anaiysis‘methods and
tachniQuES are advancing at a rapid rate; therefore, the de-
signer should ensure that the most up-to-date information is
available.
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APPENDIX
EXAMPLE PROBLEMS
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EXAMPLE PROBLEM 2.1
DESIGN DATA: Wave peribd, T = 8§ sec
' Pile diamster, D = 1.5 ft (0.46 m)
Water depth, d = 10 ft (3.05 m)
PROBLEM STATEMENT: Can force calculﬁtions be based on Morison's

Equation?
SOLUTTION: E%’ -_132-%§1372 = 0.0049

From Fig. 2.2,
L, = 5.12 T? = 5.12(8)% = 328 ft

L )
= = 0.40
Q

Ly = 0.40(328) = 131 ft

D 1.5
- = 0.01
L, 138

According to Equation 2.4,

Morison's Equation can be used.
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-EXAMPLE PROBLEM 2.2
DESIGN DATA: Pile diameter, D = 1 ft (0.3 m) |
Maximm horizontal velocity at still water level,

oy = 3 ft/sec (0.9 m/sec)
Kinematic viscosity of water, u = 1X10™° fr?/sec
(9.3%10°7 m?/sec)

PROBLEM STATEMENT: Determine the inertial and drag coefficients.

SOLUTION: From Equation 2.8,
| o %max @ s
;- S Q- s

From Equatiom 2.6,
Re
Sy = 2:5 - 3%I6°

- L3

From Fig. 2.3,

o cp = 0.98
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EXAMPLE PROBLEM 2.3

DESIGN DATA: Wave height, H = 20 fr (6.10 m)

Wave period, T = 10 sec
Pile diameter, D = 2 £t (0.6 m)
Water depth, d = 80 fr (24.4 m)
Drag coefficient, Cy = 0.7
| Inertial coefficient, CM = 1.5

PROBLEM STATEMENT: Determine the maximm wave force on the pile.

SOLUTION: _d_ 80 o
— T Tmoanr " 90

From Fig. 2.2,

La

= 0.82
L,
L, = 5.12 T = 5.12(10)% = 512 £t

L

>

= 0.82(512) = 420 ft

= z5m = 0.0048 < 0.05 (Equation 2.4)

o

.. Morison's Equation is valid.
Frbm Fig., 2.8, |

By -

T - 0-018
Hp = 0.018(32.2)(10)2 = 58 ft

é%'- 22 - 0.3

From Figs. 2.4 and 2.5,
Kin = 0.42

Kﬁm' 0.27
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From Equations 2.15 and 2.16,

* (1.5) (66)XED2 20y (0.42)
= 2533 1bs |
o 2
| -_<0.7><o.5)<64)(2)(za>=(o.zz)
-_4838 lbs

From Equation 2.21,

P
=

- L3

= 0.21

ST = TRy = 0-0062

Interpolating between Figs. 2.10 and 2.11,;
¢y = 0.17
From Equation 2.22,
Fp=¢_ vy CyH*D
= (0.17)(64.0) (0.7) (202 (2)
= 6090 1bs (27 kN)
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EXAMPLE PROBLEM 2.4
'DESIGN DATA: Same ‘as Example Problem 2.3. |
PROBLEM STATEMENT Determine the maximum moment on the pile.
SOLUTION: Interpolating between Figs. 2.14 and 2. 15,
| oy = 0.12
From Equation 2.23,

Mp = og Y Cy E? D
. o= (0.12)(54.0)(0.7)(20)2(2)
= 4300 lb-fr (5830 ¥-m)
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EXAMPLE PROBLEM 2.5
DESIGH DATA: Same as Example Problem 2.3,

Two pileé that are spaced 60 £t apart in the -
direction of wave propagation. -

PROBLEM STATEMENT: Determine the wmaximum total force acting

on the two piles (use Airy theory).
SOLUTION: From Equations 2.19 and 2.20, |

Fy = Fyp sin & = 2533 sin @
_Fb = Fpy, cos 8 lcbs&l = 4238 cos 8 |cosé|
Fp = F; + Fp = 2533 sin & + 4838 cos ¢ [cos 8|

The variation of Fp with 8 is plotted in Fig. A.1

The phase difference between the two piles,

S
g = X 360°
Ia

= 20 X 360°

= 51.4°
The curve in Fig. A.1  can be shifted by 51.4° to

represent the force variation on the secend pile.

The sum of these two curves represents the variation

of the total force acting on the two piles.

The maximum value of the total force as read directly
£from the curve is
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EXAMPLE PROBLEM 2.6

DESIGN DATA:

Same as Example Problem 2.3.
The pile is battered at an angle of 60° with
the sea bed.

PROBLEM STATEMENT: Determine the maximum inertial and drag

 SOLUTTONS :

forces acting on the pile 40 £t below the
the still water level (use Airy theory).
From Equatioms 2.2 and 2.6,

- . 7D? grH cosh(2m (z+d) /L]
fim_ CM % & 1 ceosa| w
- 64.0 m(2)* (32.2)7(20)

eosh[27(-40+80) /420
: cosEI%wiSﬁS?%Zﬁ]
RREE—C

= 30 1b/fr (438 N/m)

- From Equaticns 2.3 and 2.5,

Hz 2T h{2n(z+d) /L
fom * o & & ‘E%§§§T§£37rl"“l
64,0 (202 (32.2)2(10)?2
= (0.7100.5) 377 (D 25— CYIDE

osh(O.G)lz
os ]

- 81. 8[§osh(0 6)]

-

= 35 1b/fe (511 W/m)
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EXAMPLE PROBLEM 2.7

DESIGN DATA:

Dismeter of pile, D = 1 fr (0.3 m)
Wave period, | T =10 sec
Wave height, H=20ft (6.1 m)

Drag coefflczent CD = 0,7
Maximum horizontal velocity at still water level,
uﬁax = 8 ft/sec (2.4 m/sec)

PROBLEM STATEMENT: Determine the maximum lift force acting

SOLUTION:

on a pile.

Eﬁax.T 8) (10
== ) {

From Fig. 2.19,

T..T | o |
-5 = 80 is beyond the range of the figure.

.. Take C = C, = 0.7
From Example Problem 2.3,
. Ky, = 0.27
From Equation 2 23,
Flm ™ CL Z vy B Hz Xom
= (0. 7)(0 5) (64. 0)(1)(20) (0.27)
= 2420 1bs (10.8 kN)
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EXAMPLE PROBLEM 3.1

DESIGN DATA:

Concrete cylindrical pile in normally comsoli-

dated clay. _

Diameter of pile, D = 1 £t (0.3 m)

Length of embedment, L = 50 £& (15.2 m)

Undrained shear strength of clay, e, ™
| 500 1b/£t? (24 kiN/m?)

- Effective aﬁgle of internal friction of soil,

$ = 30° .
Submerged unit weight of soil, ?;'- 60 1lb/ft?
(9.4 kN/m3)

Net weight of pile, W, = 8000 1bs (35.6 kN)

PROBLEM STATEMENT: Determine the ultimate pile capacity under

compressive loads.

SOLUTION: Azea of pile shaftr embedded in soil,

A = D L = 7(1)(50) = 157 fe?

Area of pile tip,

: 2 2
Ay = 22 I L g g g

(a) & -~ method

For soft clay, « = 1 (Fig. 3,3)
For normally comsolidated ciay, Nc = 9

- From Equations 3.1, 3.5, 3.6 and 3.9,
Quie = 264dg * Nooyby - ﬁ%
= (1) (500) (157) + (9)(500)(0.79) - 8CO0O
-.340'!.1Q3_(330 kN

g e i -
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(b) 8 _- method
| wi:h = 50 and § = 30°, N, = 20 (Fig. 3.12)

- 0.30 for normally cons;lidated soil

@D gy = 7, 5= (60)(3 3D = 1500 1b/£e?

(E;)Eip = ?; L = (60)(50) = 3000 1b/ft?

Qa1 '.Bcgv)avg Ay + Ngq (av)ﬁip Ap"
= (0.3)(1500)(157) +'(20)(3000)(0.79) - 8000
= 111,000 lbs (490 kN)

(e) A - metho&

With L = 50 £t, A = 0.20 (Fig. 3.9)

-'Qﬁlt = x[(EQ)avg + 2¢ ]A + Necydy - w%

= 0.20{(1500) + 2(500)] (157) + (9)(500)
(0.79) - 8000
= 74000 lbs (330 k)
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EXAMPLE PROBLEM 3.2

DESIGN DATA: Same as Example Pxobleﬁ 3.1, except:
Undrained shear strength of clay, ¢ = 2500 1b/ £t
(120 kN/m?) _
Overconsolidation ratioc, OCR = &
PROBLEM STATEMENT: Determine the a, B8 and X\ coefficients.
SOLUTION: (a) a - coefficient |
With § = 50 and e = 2500 1b/ft?
a = (.70 (Fig. 3.5)
(b) B - coefficient

From Equation 3.13,
8 = 0.3 /OCK
= 0.3 /%
= 0.6

(e) x» - coefficient

With L = 50 ft, _
A= 0.20 (Fig. 3.9
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EXAMPLE PROBLEM 3.3
DESIGN DATA: Timber pile in sand.

Diameter of pile, D = 1.5 £t (0.46 m)
Length of embedment, L = 45 £t (13.7 m)
Net weight of pile, ﬂ% = 3000 1lbs (13.4 kN)
Submerged unit weight of soil, Y, = 55 1b/ft?
(8.6 kN/m?)
Effective angle of intermnal frictiom of soil,
$ = 27° |
 Rigidity Index, I_ = 80
PROBLEM STATEMENT: Determine the ultimate compressive load.
SOLUTION: From Equations 3.2 and 3.3, |

Area of pile shaft, A, = w(1.5)(43) = 212 fr?
. - T(1.5% 2
Area of pl%.e tip, Ap_ A 1.8 £
With § = 27°, g =6 (Fig. 3.13) -

L, =6(1.5) =9.0 ft

With § = 30 and § = 27°, N_ = 10 (Fig. 3.12)
From Equations 3.15 and 3.17,
| 9y, Nq - (10) (9%55) = 4950 1b/ft* |
Average effective vertical stress along the pile,
T, = T, = (59 (3D = 1238 1b/£e?
Horizontal soil stress coefficient, K = 1.5 (Table 3.2)
Friction angle between pile and soil, & = %—(2?) =

18° (Table 3.2)
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From Equation 3.16,
fs - Kav tan §
- (1,5)(1238)tan 18°
= 603 1b/ft?
From Equationm 3.1,
Qie = 45 + qup = Wp
= (603) (212) + (4950)(1.8) - 3000
= 134,000 1lbs (595 ki)
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EXAMPLE PROBLEM 3.4

DESIGN DATA: Same as Example Problem 3 3.

PROBLEM STATEMENT: Determine the ult:mate compressive load

SOLUTION:

capacity using Vesid's (1977) approach.
From Equation 3.12,

Ry=1l-sinF=1-sin 27° = 0.55

Mean normal effective stress at the pile tip,
3 w LFK, |
° ‘3'—- 'vp

= 1733 1b/£t?

_ Assuming little volume change, I_. = I_ = 80

With 1. = 80 and'$ = 27°, N, = 35 (Fig. 3.15)

- From Equatlau 3.18,

p = (35)(1733) - 60660 1b/ft:z
From Equation 3.I,

Qe = £g84 f'qup" Wb
= (603)(212) + (60660)(1.8) - 3000
= 234,000 1lbs (1040 k)
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EXAMPLE PROBLEM 3.5
DESIGN DATA: Same as Example Problem 3.1.
 Width of block, By = 7 ft (2.1 m)
Length of block, L_ = 7 £t (2.1 m)

g
Center-to-centar spacing of piles, s = 3 £t (0.9 m)

3X3 Group |
PROBLEM STATEMENT: Datermine the ultimate compressive capacity

_ of the group;
SOLUTION: (a) Comverse-Labarre Formula

From Equaticen 3.23,

-1 o n-l)m + (m-1)n
1l ((BlBo (acbn
=1 - are canC%) {ﬁé;%%%7%3§%§%l§}

=1
From EZquation 3.23,
Group capacity = 9X74000 1lbs

| o = 666,000 1bs (2960 kN)
(b) Terzaghi and Peck's approach

Block failure, from Equation 3.24,

Qe = BglgSyle + M(BHL)e,

= (7)(7)(300) (9) + 2(50) (7+7) (500)
= 920,500 lbs

Individual pile failura,
Qult = 9X74000 = 666,000 lbs

.. Group capacity = 666,000 1lbs (2960 k)
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EXAMPLE PROBLEM 4.1

DESIGN DATA: Same as Example Preoblem 3.1

?ROBLEM STATEMENT: Determine the ultimate uplift capacity.
SOLUTION: {(a) ¢ - method

- From Equation 5.1,
Toie = °aAs.+.ﬁ5 -
= (1)(500) (157) + 8000
= 86500 lbs (385 ki)
(b) 8- methed

Tult: - de A.s + Wp
= (0.3)(1500)(157) + 8000
= 78650 lbs (350 ki)

{e) A- method
Tye = M@, + 2c04 + W,
= 0.20(1500 + 2X500) (157) + 8000
= 86500 1bs (385 k)
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EXAMPLE PROBLEM 4.2

DESIGN DATA: Same as Example Problem 3.3.

PROBLEM STATEMENT: Determine the ultimate uplift capacity.
SQOLUTTION: Tult - fsAs + ﬁ%

= (603)(212) + 3000
= 130,800 lbs (582 kN)
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EXAMPLE PROBLEM 4.3 |
DESIGN DATA: Same as Example Problem 3.5.
PROBLEM STATEMENT: Determine the ultimate uplift capacity

of the group.
SOLUTION: Assuming the density.of pile ﬁaterial is equal to
that of the soil,
Wo - Yolume of soil enclosed by group X sub-
| - merged wnit weight of soil |
= (7X7%50)(60)
= 147,000 lbs
Block Failure, from Equatiom 5.3,

Ty1e = DE B ), + ﬁ}

g g u
= 2(350) (7+7) (500) + 147,000
= 847,000 lbs
Individual pile f£ailure,
Toe = 9(c Al + Wb)
= 9(86500)
= 778,500 lbs

~ +. Group uplift capacity = 778,500 lbs (3460 kN)
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EXAMPLE PROBLEM 5.1
DESIGN DATA: Free-headed pile in clay.
o Diaméter of pile, D = 2.0 £t (0.61 m)
Length of embedment, L = 30 £t (9.1 m)

Distance of lateral load abaove ground—line, e =

16 ft (4.9 m)
Undrained shear strength of clay, ¢ = 1000 1b/fe?
(48 kN/m2)
Yield moment of pile, My )y = 230,000 Ib-£e
(310 kN-m) |
PROBLEM STATEMENT: Determine the ultimate lateral capacity of
the pile,

SOLUTTON: = = 32 = 15

e . 16 _ 8

5 7

Assuming cha pile to be rigid, from Fig. 5.7,
Pale - 24

cuDz

' - 2 -
Pult 24(1.000) (2) 96000 1lbs
From Equation 5.2,

9.5P
= P (e + 1.5D + ult)
Hmax ule —g—.b__

C
u

= 96000[16 + (1.5)(2) + 23;2£96000)

. the pile is rigid.

Paie = 26000 lbs (430 1)
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EXAMPLE PROBLEM 5.2

DESIGN DATA: Same as Example Problem 5.1, except

Yield moment of the pile, M, ;4 = 170,000 lb-fr
(230 kN-m)
PROBLEM STATEMENT: Determine the ulttmata‘latéral capacicty

of the pile.
SOLUTION: From Example Problem 5.1,

Mpax ™ 208,000 1b-£t > }%‘Leld |

.. the pile is flexible.

Cu - = 2]

From Fig. 5.11,

ield 170,000

P
=5 - 22

o _
Pyl ™ 2.2(1000) (2)?
= 8800 lbs (39 kN)
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EXAMPLE PROBLEM 5.3
DESIGN DATA: Restrained pile in sand.
Diameter of pile, D = 1.5 £t (0.46 m)
Length of embedment of pile, L = 12 fr (3.7 m)
Effective angle of internal.frictidn of soil,
7 = 30° | " |
Submerged unit weight of soil, ?;='Ys = 120 1lb/fe3
(18.9 kN/m?)
Yield moment of pile, M 14 = 800,000 1lb-ft
(1085 kN-m)
PROBLEM STATEMENT: Determine the ultimate lateral capacity
of the pile.

SOLUTION: ., _ l+sin § _ l+sin 30° _ .
bl L L0 KP m% T=31o 307 3 (qul.xa.t:.on 6.14)

L,12 _g
R o)

Assuming the pile to be rigid, from Fig. 5.14,

P
2t . g5

D Ys.

Pult = (95)(3)(L.5)(120)
= 115,400 ibs
From Equation 5.3,
M. =0.67P . L
= 0.67 (115,400) (12)

.. the pile is flaxible.
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E&ield 800 Q00 - 439

From Fig. 5.18,

P. -
ult _ y40

KD,
Pﬁlt = (140)(3)(1.5)*120)
= 170,100 1lbs (760 kN)
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EXAMPLE PROBLEM 5.4 )
DESIGN DATA: Free-headed pile in sand. _
| Length of embedment, L = 60 £r (18.3 m)
Distance of lateral lcad above the ground-line,
e = 30 £t (0.91 m)

Modulus of elasticity of pile material, Eé =
30000 ksi (46.5 kiN/mm?)
Moment of inef;ia of cross-section of pile, Ip -
30000 in* (0.0125 m*) |
Horizontal load, P = 1,000,000 lbs (4450 kN)
Coefficient of modulus variation, n, = 100,000
1b/£e? (15715 kN/m?)
PROBLEM STATEMENT: Determine the pile deflaction at ground-line.
SOLUTION: E_I_ = 6.25X10% 1b-fr? |

PP
From Equaticn 5. 10

f f ? = Q.11/ft

e _ 30 _
r m’ 0-5
From Fig. 5.28,

Ib)sfs(nh)z/{
5T =1
(100000) (60)
Yo = (6.25%10 )*/% (100000)2/%

= ] ineh (25.4 mm)
Sxacai——
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EXAMPLE PROBLEM 5_.1
DESIGN DATA: Pile pinned at top and hottom,
| . Length of embedment of_pilé, L = 50 fr (15.2 m)
Modulus .of. elasticity of pile material, E
30000 ksi (46.5 kN/mm?)
Moment of inertia of dros.s-sedtion of pile, I
30000 n* (0.0125 m")
Horizontal reactive stress. kD = 200000 lT:u/ft:z
(9600 kN/m?)
PROBLEM STATEMENT: Determine the eritical buckling load.
SOLUTION: . ; L
R = %-%= 13.2 £t
From Equation 6.3, |
a, =B~ 3.8
From Fig. 6.3,
= 2.15

p.

p-

Ucr

From Equation 6.2,

EI
Uer S

= (2.15) 6.25?10’

2

= 77100 kips (343 MN)
- = - =
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EXAMPLE PROBLEM 6.2

DESIGN DATA: Pile free at top and bottom.
' Length of unsupported éortion‘of pile, Lu'-
30 fr (9.1 m)
Length of embedment, L = 60 £t (18.3 m)
Modulus of elasticity of pile material, E
30000 ksi (46.5 kN/mm?)
Moment of inertia of cross-~-section of pile, I
30000 in* (0.0125 m*)
Coefficient of modulus va:iation,'nh = 80000
1b/£t? (12.6 MN/m?)
PROBLEM STATEMENT: Determine the critical buckling load.

T - s/-g;i’- --%e 0.5 £t

SOLUTION:

From Equation 6.10,

Ly 130

St St a1

From Equation 6.3,

From Fig. 6.7,
Sp = ;.8

From Equation 6.11,

LS = ST = (1.8)(9.3) = 17 £
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From Equation'ﬁ.é,

#2E_I

Ur = 'ﬁ?t2$%fyf

a s
-

r2(6.25%10%)

= 7000 kips (31 MN)
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EXAMPLE PROBLEM 6.3

DESIGN DATA:

Pile in clay.

Applied compressive load, Q = 20000 1lbs (89 kN)
Critical buckling load, ch = 1400000 1lbs

(6230 kN)
Horizontal subgrade modulus, k, = 200000 1b/fe?
(31.4 MN/m?)
Undrained shear strength of clay, ¢, = 1200 1b/fe?
- (57.5 MN/m?)

Maximum horizontal deflection of pile, y . =
0.5 fr (0.15 m)

PROBLEM STATEMENT: Will the bent pille overstress the soil?

SOLUTION:

From Equation 6.12,

Ppax = by (QEETQJ Ypax
= 200000.(Izﬁéggggzagauﬂ(O.S)

=™ 1450 1lb/ft?

From Equation 6,13,

Pa11 = 3¢y
= 3(1200)
= 3600 1b/f€? > 1450 1b/ft?
the loading of the bent pile will not overstress
the soil,

~
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EXAMPLE PROBLEM 6.4

DESIGN DATA: Pile in high plasticity clay,

Diameter of pile, D = 1.5 £t (0,46 m)
Length of embedment, L = 35 fr (10.7 m)
Submerged uwnit weight of soil, T, = 60 1b/ft’
| (9.4 kN/m?) | |
PROBLEM STATEMENT: Determine the maximum downdrag force on

the pile.
SOLUTION: From Table 6.1,
| K = 0.6Q
$ = 10°
Average effective vertical stress along the pile,

g, = Yséz') = (60)(17.5) = 1050 1b/ft?

From Eguation 6.17,
Qg = (wDL) (Ra,, tang)
= 7v(1.5)(35)(0.60)(1050) tan 10°
= 67 kips (300 kN)







